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ABSTRACT 
 

Investment into offshore wind farms has been growing to address the growing threat 
of climate change. The majority of offshore wind turbines (both current and planned) 
are founded on monopiles, large circular steel pipe piles ranging from 4.0 m – 7.5 m 
in diameter. Based on available borehole records, most planned wind turbines in the 
UK will be founded in overconsolidated clay deposits. Monopile design is done via 
usage of the well established p-y curves. However, there are issues with the usage of 
the p-y curves. Firstly, the curves may be unsuitable to model the monopile’s 
behaviour as it is expected to behave similarly to a rigid pile rather than flexibly. 
Secondly, the curves may not accurately estimate the initial pile-soil stiffness. Thirdly, 
the curves are not comprehensive enough to account for the accumulated strain and 
stiffness changes resulting from cyclic loading. Considering these issues, research was 
carried out to improve the current design of monopiles in clay by carrying out 
displacement controlled monotonic and load controlled cyclic load tests in a 
centrifuge. 
 
Results from monotonic tests suggest that the DNV (2014) design methodology to 
construct p-y curves in clay based on Matlock’s (1970) soft clay criterion significantly 
underestimate stiffness. Findings suggested that the experimental p-y curves could be 
characterised through modification of the criterion. Modification of the criterion 
produced estimates that matched the 3.83 m monopile experimental curves. Pile toe 
shear force was observed to contribute little to ultimate lateral resistance and stiffness. 
Despite the marginal contribution, an effort was made to characterise the pile toe 
shear force. Estimates of the modified criterion on the 7.62 m monopile did not match 
the observations, indicating that further research should be carried out to improve the 
modified criterion. 
 
The cyclic tests displayed two distinct regimes; the stiffening regime and the 
softening regime. Results suggests that cyclic loads of different characteristics 
influence the locked in stress conditions of the soil which in turn influence the excess 
pore pressure behaviour, hence dictating whether the stiffening or softening regime 
takes place. Suggestions were made regarding the conditions that dictated whether the 
stiffening or softening regime would take place. In the stiffening regime, the 
stiffening rate decreased with increasing strain while as the accumulated rotation rate 
increased with vertical load for the same cyclic load magnitude. The softening regime 
was determined to be extremely detrimental as the high rates of softening and 
accumulated rotations could cause failure of the system in the short-term. 
Recommendations were made to estimate the cyclic stiffness and accumulated 
rotations resulting from both stiffening and softening regime.  
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CHAPTER 1 

 

1. INTRODUCTION 
 

1.1 Background 
Many countries throughout the world are investing in renewable sources of energy not 

only to reduce their reliance on imported fossil fuels, but also to address the global 

issue of climate change that threatens to endanger the stability of the world’s climate, 

economy, and population. One promising source of renewable energy is offshore 

wind; i.e. the construction of wind farms in bodies of water to generate electricity 

from wind. Offshore wind farms have multiple advantages that include greater output 

due to stronger winds and greater consistency and efficiency due to less turbulence. 

Considering the advantages and benefits that offshore wind turbines have to offer, 

many countries throughout the world are investing heavily in offshore wind. The UK 

in particular is investing heavily as it aims to construct 7,000 turbines that are 

expected to generate 33 GW of energy by 2020  (McCarthy, 2008). 

 

To ensure the viability of offshore wind turbines, the foundations have to be well 

designed to resist the harsh conditions at sea. Not only must the foundation be 

designed to resist large overturning moments, it must also be designed to resist 

millions of cycles of lateral loading and maintain its stiffness over its 25 year design 

lifetime. There are multiple foundation options that are utilised to support these 

offshore wind turbines that include monopod support structures such as gravity bases, 

suction caissons, and large single piles known as monopiles, and multipod support 

structures such as tripods, jackets, and tension leg with suction buckets. Out of the 

three monopod foundations, the monopile is the most widely applied concept in most 

recent offshore wind farm developments as it is relatively easy to fabricate in large 

quantities, handle, install, and design as the loads are normally more readily defined. 

Since most of the Round 3 offshore wind farms are situated in the northern and 

central parts of UK (The Crown Estate, 2013), it is likely that these wind farms will 

be founded on overconsolidated clay deposits (Thomas, 1989) . 
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Monopiles are designed according to the p-y curves (i.e. soil reaction – lateral 

displacement curves) specified in the design standards such as DNV (2014). Even 

though the p-y curves have been proven to be effective due to low failure rates of piles 

over several decades, there are multiple issues and limitations regarding their usage. 

This include the suitability of utilising p-y curves on short rigid monopiles, accurate 

estimation of initial pile-soil stiffness, the shortcomings of the p-y curves in cyclic 

loading design, and the lack of knowledge of how soil stiffness would change over the 

design lifetime when subjected to millions of cycles of load. Much research has been 

carried out for monopiles in sand. However, very little research has been done on 

monopiles in clay. Considering the need to construct monopiles in clay in the UK and 

the lack of knowledge in these areas, further research is required. 

 

1.2 Objective and Research Scope 
The main objective of this research is to optimise and improve the current design of 

monopiles in the UK by obtaining a better understanding of soil-monopile behaviour 

in overconsolidated clay under monotonic and cyclic loading through centrifuge 

testing. To achieve this objective: 

 

1. Horizontal pushover tests on monopiles in overconsolidated speswhite kaolin 

subjected to different consolidation pressures were carried out to ascertain the 

suitability of the p-y curves recommended by the DNV. Evaluation of the p-y 

curves involved triaxial testing that provided stress-strain information of the soil 

and the utilisation of lateral pile response computer program LPILE to evaluate 

the monopile’s lateral response. Findings from these tests provided the basis for 

suggestions to improve monopile design with regards to initial stiffness and 

ultimate capacity. 

 

2. Cyclic lateral load tests involving lateral loads of varying characteristics (i.e. 

varying load to ultimate capacity ratios and cyclic load ratios) were carried out to 

study the monopile’s long-term response to cyclic loading. Observations from 

these tests provided information regarding the monopile’s behaviour under cyclic 

loading and enabled recommendations to improve cyclic design to be developed. 

Pore pressure measurements made during these tests provided insight on the 
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excess pore pressure behaviour along the length of the monopile and how it 

changed across the cyclic loading phase. Video recordings and photos taken 

during the tests enabled evaluation of the effects of cyclic loading at the 

monopile-soil interface at mudline. 

 

1.3 Outline of Thesis 
The thesis contains six chapters: 

 

Chapter 1 describes the background, objectives, and scope of the work.  

 

Chapter 2 provides a review of literature and outlines the background knowledge 

regarding monopiles that include the loading conditions, the design process, cyclic 

loading, and the issues and limitations pertaining to the usage of p-y curves for 

monopile design.  

 

Chapter 3 provides background information behind centrifuge modelling and 

proceeds to detail the design of the overall project that include preparation of the 

model, the instruments and equipment utilised, the procedure of the centrifuge 

experiments, and the problems faced in each of the experiments. The triaxial testing 

procedure utilised to obtain the stress-strain behaviour of the tested soil is also 

described in chapter 3.  

 

In chapter 4, the results of the monotonic lateral load tests are reported and discussed. 

Suggestions to improve the design procedure are also made in this chapter.  

 

Chapter 5 discusses the results of the cyclic lateral load tests from different aspects 

and suggestions to improve cyclic design are provided.  

 

Chapter 6 summarises the key findings of this research and provides suggestions on 

future research in this area. 
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CHAPTER 2 

 

2. LITERATURE REVIEW 
 

2.1 Introduction 
According to the UK Department of Trade and Industry (2007), “climate change as a 

result of rising greenhouse gas emissions is a global issue of great significance that 

threatens the stability of the world’s climate, economy, and population”. Since the 

causes and consequences of climate change are global, a collective global effort is 

necessary to effectively address this issue. Inaction is detrimental to all. According to 

the review carried out by Stern (2007), climate change has to be addressed as the 

“economic risks of inaction in the face of climate change are very severe”. Though 

mitigation measures to reduce emissions may appear costly, the benefits of addressing 

climate change greatly outweigh the costs. One measure that is expected to contribute 

significantly to the reduction of emissions is renewable energy. According to the 

International Energy Agency’s 450 ppm scenario, renewable energy can contribute 

20% of the world goal of greenhouse gas emission reductions by 2030 under 

accelerated environmental policies, contributing 2741 Mt (million tons) in reductions 

out of 13,800 Mt (Renewable Energy Focus, 2009).   

 

In spring 2007, the European heads of state endorsed a plan and agreed to an Energy 

Policy for Europe that would address the issues of energy supply, climate change, and 

industrial development (European Commission, 2008). The “20:20:20” targets of the 

plan called for a 20% increase in energy efficiency, 20% reduction in greenhouse gas 

emissions, and 20% share of renewables in overall European Union (EU) energy 

consumption – all by 2020. Based on the report from the Carbon Trust (2008), the 

targets require that 15% of all energy in the United Kingdom (UK) comes from 

renewables. This can be achieved by introducing renewables into transport, gas 

heating, and electricity. However, there are significant challenges to biofuels and heat 

renewables as highlighted by the Carbon Trust (2008). Therefore, if the UK is to 
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achieve the EU renewable energy targets and to avoid the risk of trading with other 

countries, 40% of electricity would need to come from renewables by 2020.  

 

Considering that the UK has 40% of Europe’s wind resource, that offshore wind 

farms face less planning restrictions than onshore wind farms and that offshore wind 

farms offer a great reduction in carbon dioxide emissions (Ffrench et al., 2006), it can 

be seen that utilising offshore wind would probably be the most effective way  to 

achieve these targets (Carter, 2007). As a result, the UK government announced that it 

aims to construct 7,000 turbines that are expected to generate 33 GW of energy, 

which will be about one-third of UK energy requirements (McCarthy, 2008). This in 

turn would place the UK as the world leader of offshore wind power generation by 

2020 (Carbon Trust 2008). Therefore, offshore wind farms will play a major role in 

the future of renewable energy in the UK.  

 

2.2 Monopile 
Besides the fact that offshore wind farms face less planning restrictions relative to 

onshore wind farms (Ffrench et al., 2006), offshore wind farms have multiple 

advantages over onshore wind farms that make offshore wind the most effective way 

to achieve the renewable targets. According to Abdel-Rahman and Achmus (2005): 

 

• Considering the availability of large continuous areas, larger wind turbines of 

greater height and rotor diameter can be constructed, allowing for a much 

greater output.   

• Offshore winds tend to flow at higher speeds than onshore winds, thus 

allowing turbines to produce more electricity.   

• As there is less turbulence offshore, the turbines can harvest energy more 

effectively and consistently, reducing the fatigue loads on the turbine. 

 

Despite the advantages, foundation design for offshore wind turbines is more 

complicated compared to onshore wind. Based on the announcement that the UK 

government aims to construct 7,000 turbines that will generate 33 GW of energy 

(McCarthy, 2008), on average, each turbine would have to produce 5 MW of energy. 

It can be seen from Figure 2.1 (a) that both 5 MW and 2 MW turbines are massive 

 5



structures that have diameters of 80 m and 124 m respectively. Considering the size 

and significance of these structures, it is crucial that a suitable foundation is selected 

and is then designed to withstand the harsher conditions offshore, which would in turn 

ensure the long-term integrity of these structures. 

 

 
(a) Size Comparison (Pao and Johnson, 2009) 

 
 (b) Foundation Options (Rattley, 2011) 

Figure 2.1   Wind Turbine Size Comparison and Foundation Options 
 

There are multiple foundation options available to support offshore wind turbines as 

shown in Figure 2.1(b). In shallow waters with water depths ranging from 0 m – 25 m, 

gravity bases, suction caissons and monopiles can be utilised. Even though the Det 

Norske Veritas industry design code (DNV, 2014) suggests that monopiles are 
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suitable for water depths of up to approximately 25 m, recent wind farm construction 

has extended this limit to 35 m (Doherty et al., 2011).  For deeper water depths 

ranging from 30 m – 70 m, multipod support structures such as tripods, jackets, and 

tension leg with suction buckets are typically utilised. 

 

 
(a) Water Depth Comparison for Existing and Proposed Wind Turbines in Europe 

 

 
(b) Foundation Breakdown of Current Turbines 

Figure 2.2   Offshore Wind Turbine Current and Future Trend (Doherty et al., 2011) 

 

Figure 2.2(a) shows that a majority of offshore wind turbines in Europe are currently 

sited in shallow water. Figure 2.2(b) shows that the monopile is by far the industry’s 

preferred option (~75%), followed by gravity bases (~20%). Considering that the 
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maj 15 

ears will be sited in water depths m to 35 m (Figure 2.2(a)) and that 

ority of the proposed offshore wind farms to be constructed in the next 10 to 

ranging from 25 y

the industry has extended the usage of monopiles to 35 m deep waters, it is highly 

likely that the industry will continue relying on monopiles as a proven foundation 

option. 

 

 
Fig

 

As illustrated in Figure 2.3, m diameter circular steel pipe piles that 

range from 4.0 m to 7.5 m in diameter (New Civil Engineer, 2014) and are drilled or 

driven 20 m to 30 m

length, L/dia

can range from MW 

turbines founded on 4.6 m

150 mm (He

Kentish l

wall thickn ile diameter. As highlighted in 

igure 2.2(b), the monopile is the preferred option of the construction industry. The 

ure 2.3   6.5 m Monopile for Baltic 2 Offshore Wind Farm (Offshore Wind 
Industry, 2013) 

onopiles are large 

 into the seabed, leading to a pile slenderness ratio (embedded 

meter, D) of around 5 (LeBlanc et al., 2010b).  Monopile wall thickness 

 a low of 40 mm for the Egmond aan Zee wind farm with 3 

 monopiles  (Noordzee Wind et al., 2008) to a high of 

arn, 2009), depending on loading conditions. A review of the Horns Rev, 

 F ats, and Eegmond aan Zee monopiles by Elkinton (2007) shows that the 

ess is about 1.10% to 1.25% of the monop

F

reasons for this are:  

 

• Installation is fast and highly automated with no prior preparation of the 

seabed (DNV and Risø National Laboratory, 2002). Duration for 

installation is short in locations where driving with a hydraulic hammer is 

sufficient (LeBlanc, 2009). 
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• Fabrication is simple (DNV and Risø National Laboratory, 2002) and 

suitable for batch production considering that future offshore wind farms 

will consist of more than 100 turbines (LeBlanc, 2009). 

• Handling is relatively easy and many current jack-ups are capable of 

• Loading due to wave, currents and ice are norm

oading as a 

sult of both wind and wave forces. Load estimates for an anticipated 3.5 MW design 

installing a monopile (LeBlanc, 2009). 

ally more readily defined 

due to the simple shape of the foundation.  

 

2.3 Offshore Wind Farm Loads 
Foundation design for offshore wind farms is different from that for typical oil and 

gas foundation design. As can be seen for the jack-up rig in Figure 2.4, the loading of 

typical oil and gas installations is often dominated by the huge self weight. Therefore, 

the structures are less exposed to dynamic excitation. However, offshore wind 

turbines are subjected to large moments at the seabed and strong cyclic l

re

offshore the UK are shown in Figure 2.4.  

 

 
Figure 2.4   Difference between Load Conditions for an Offshore Wind Turbine and 

Oil & Gas Jack-up Rig (Byrne and Houlsby, 2003) 
 

The vertical load from the self-weight of the turbine, tower, and foundation is of the 

order of 6 MN. The maximum horizontal load from both wind and waves is of the 

order of 4 MN. With the horizontal load acting approximately 30 m above the seabed, 

a large overturning moment of 120 MN m occurs at the seabed. Although wind 
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contributes to 25% of the horizontal load, it contributes to 75% of the overturning 

 water depth 

(say 10 m) and cycle at a period of 10 s, considerably faster than wind loads.  This 

translates to a resultant horizontal load of 2 MN ± 2 MN and a resultant moment of 

100 MN m ± 20 MN m.  Therefore, the ratio of moment to horizontal load fluctuates 

rapidly rather than remaining constant. In addition, wave directions that may not be 

coincident with the prevailing wind direction will result in loads (both moment and 

horizontal) that are non-coincident. The cyclic loads experienced by a wind turbine 

over its design lifetime of 25 years can add up to over 150 million cycles. As a result

f  

hanges in soil behaviour that would most likely result in unallowable inclination or 

moment as it acts at a much higher height (Byrne and Houlsby, 2003). As a result, 

foundation design is primarily governed by the large moment at seabed level while 

the horizontal and vertical loads are comparably smaller (LeBlanc, 2009). 

 

The cyclic loads experienced by an offshore wind turbine fluctuate rapidly as 

compared to typical offshore designs where loads are relatively constant. As shown  

by Figure 2.4, from Byrne and Houlsby (2003), the hub, approximately 90 m above 

the sea floor, will be subjected to a maximum operational wind load of 1 MN that is 

relatively constant over a long period of time.  The current and wave loads might be 

1 MN ± 2 MN and are applied at a much lower level, depending on the

, 

oundation design is further complicated as cyclic loading is expected to provoke

c

even loss of structural stability (Hinz et al., 2006). This is not made any easier by the 

maximum permanent monopile rotation requirement of 0.5° at mudline set in recent 

projects (Achmus et al., 2009). 

 

Since the structure is flexible and can hence be excited dynamically by wind and 

wave loading, consideration of the driving frequencies of the turbines and blades is 

vital in foundation design to prevent resonance. There are two driving frequencies for 

three-bladed wind turbines producing power in the range of 2.0 – 3.6 MW, these 

being the rotor rotation frequency (1P) and the blade passing frequency (3P). The 

frequencies range from 0.17 – 0.33 Hz and 0.5 – 1 Hz respectively as shown by 

Figure 2.5. To prevent resonance, the first natural frequency, f1 of the tower-

foundation system has to be designed to avoid both 1P and 3P.  This can be achieved 

by designing the system as either a “soft-soft” system in which f1 < 1P, a “soft-stiff” 

system in which 1P < f1 < 3P, or a “stiff-stiff” system in which f1 > 3P.  
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Figure 2.5   Typical Excitation Ranges of a Modern Offshore Wind Turbine (adapted 

from LeBlanc, 2009) 

c (2009). Haigh (2014) carried out an 

ssessment for a monopile supporting a 3.5 MW turbine that was designed as a “soft-

 significant cost savings were achieved due to 

here would also be great 

hallenges in “ensuring sufficient ductility in the system to avoid structural failure” 

(Haigh 0 t-soft” 

system

farm in Sw aller weight of the 

nacelle (

 

Since both “stiff-stiff” and “soft-soft” are 

“soft-stiff” approach is e only sensible approach. As a result, most systems are 

designed as “soft-stiff” systems. Despite being cost-effective and practical, the “soft-

 

According to the Carbon Trust (2008), turbines make up 59% of the total costs of 

offshore wind farms. Following that, foundations and installation make up 17% and 

8% of the total costs. Considering that both foundation and installation make up a 

significant portion of the total costs, cost-savings in these areas can be made to ensure 

profitability without sacrificing on structural integrity. A “stiff-stiff” design would 

result in much larger diameter and heavier monopiles relative to the other systems. 

This in turn significantly increases the costs of manufacturing, handling, and 

installation, making the “stiff-stiff” design extremely expensive and unpractical. The 

“soft-soft” system is the cheapest system relative to the others as it would result in a 

smaller diameter monopile that will experience less hydronamic loads due to the 

reduced size. However, “issues of fatigue and ultimate capacity may become 

dominant design drivers” as noted by LeBlan

a

soft” system and noted that even though

reduced diameter, the system was unsuitable. Not only would a horizontal wind force 

of 1 MN produce excessive rotations at the top of the tower, t

c

, 2 14). Despite the issues to implementing a “soft-soft” system, “sof

s are possible for smaller turbines. The 1.5 MW turbines at the Utgrunden wind 

eden are designed as “soft-soft” systems due to the sm

Kühn et al., 2005).  

not technically and economically viable, the 

 th
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stiff” system has a drawback. Since the system natural frequency has to be designed 

igure 2.6 shows how Thomas (1989) categorised the North Sea into four main 

provinces based upon the following generalised soil profiles: 

 

• Province 1: Stiff to very stiff overconsolidated silty clays and clays 

he first three profiles typically possess a thin surface unit of fine sand. Based on 

Figure 2.6, the soil profile varies significantly in the UK sector of the North Sea. The 

north consists mainly of stiff to very stiff overconsolidated clays, although in many 

areas they are interbedded with dense fine sand. The central parts are dominated by 

interbedded clays and sand whereas in the south stretching along the Belgian and 

Netherland coasts, there is a large tract of mainly fine to coarse sand. To verify the 

distribution of sands in the North Sea, Bond et al. (1997) examined 212 borehole 

records held by the British Geological Survey, BP International, and Shell UK. After 

examination, it was determined that sand generally made up less than 35% of the top 

within a very narrow band, the system is in turn very sensitive to changes in 

foundation stiffness. Changes in foundation stiffness due to cyclic loading may cause 

the natural frequency to enter either the 1P or 3P frequency bands. This will cause 

resonance that will lead to greater oscillation of the tower and foundation, causing a 

vicious cycle of continuing stiffening/softening and increased amplification until 

failure occurs (Haigh, 2014). Therefore, foundations for “soft-stiff” systems must not 

only be designed to resist the large overturning moments, but they must also maintain 

their stiffness over their 25 year design lifespan. During this time, a typical foundation 

may experience over 150 million load cycles.  

 

2.4 Offshore Soil Conditions 
F

• Province 2: Very soft to soft normally consolidated clays and silty clays 

overlying stiff to very stiff overconsolidated silty clays 

• Province 3: Stiff to very stiff overconsolidated silty clay and clays 

interbedded with dense find sand 

• Province 4: Fine to coarse sand with scattered seams and beds of soft to 

stiff silty clays 

 

T
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60 m below mudline in the northern and central parts of the North Sea whereas in the 

southern part, sand in the top 60 m was generally greater than 35%. 

 

 
Figure 2.6   Generalised Soil Provinces in the North Sea (Thomas, 1989) 

 

In June 2008, the Crown Estate announced the “round 3” leasing process that would 

provide 25 GW of energy, far bigger than the total capacity of rounds 1 and 2 of 

8 GW (Carbon Trust 2008). Based on Figure 2.7, nine zones across the UK were 

entified by the Crown Estate. Comparisons between Figure 2.6 and Figure 2.7 id

indicate that most of the planned offshore wind farms will be founded in the northern 

and central parts of the North Sea. Therefore, most of the planned wind turbines will 

be founded in overconsolidated clay deposits. 
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Figure 2.7   Round 3 Offshore Wind Zones (adapted from The Crown Estate, 2013)  

wind turbines in the UK over the next 10 to 

ill be founded in overconsolidated clay deposits, as highlighted in 

 

2.5 Design Methods for Laterally Loaded Piles 
According to the industry design standards established by DNV (2014), a monopile is 

required to have sufficient axial pile capacity to resist the weight of the system and to 

have sufficient lateral capacity to resist lateral loading, moment loading, and cyclic 

loading.  Since design for offshore wind turbine foundations is primarily governed by 

the large overturning moment at seabed from horizontal wind and wave forces and 

cyclic lateral loads as highlighted in section 2.3, focus will be placed on the design of 

monopiles to resist lateral loads. In addition, focus will be placed on the design of 

monopiles in clay as most of the planned 

15 years w

section 2.4. 

 

In the literature, several methods have been developed to design laterally loaded piles. 

According to Fan and Long (2005), these methods can be placed into five categories: 

(1) the limit states method; (2) the subgrade reaction method; (3) the p–y method; (4) 

the elasticity method; and (5) the finite element method. The limit states method 
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developed by Broms (1964a) for cohesive soils and cohesionless soils (Broms, 1964b) 

is the simplest method out of the five that provides a procedure (in the form of design 

charts and tables) for calculating the ultimate lateral load capacity and deflection of 

piles within the “working” load range (half of the computed ultimate load capacity 

(Meyer and Reese, 1979)). Though simple, the method has its limitations. For 

cohesive soils, the soil is assumed to be linearly elastic within the “working” load 

range when the soil is in fact not linearly elastic. Secondly, the subgrade modulus is 

assumed to be constant with depth. Thirdly, it is not possible to estimate pile response 

for a full range of loads, making it unsuitable for designs that have restrictions on 

llowable pile deflection. Finally, the method ignores the contribution of axial load, 

er of uncoupled springs. Since the 

prings are uncoupled, soil continuity is not taken into account. Despite being similar, 

oulos compared solutions from his model based on 

the theory of elasticity with solutions from the Winkler model and determined that the 

a

contributing to inaccuracies in calculations. Broms (1964a) compared his calculated 

deflection results with measured deflection results from load tests in cohesive soils. 

Based on the comparison, it was observed that the ratio of measured deflections to 

computed deflections ranged from 0.33 to 3.75. The value of 0.33 indicates that the 

method underestimated the actual deflection by 3.0. The values show that a simplified 

method is unsuitable to analyse a complex problem of a laterally loaded pile. 

 

The subgrade reaction method (Reese and Matlock, 1956, Matlock and Reese, 1960) 

and p-y (in which p represents soil reaction and y represents pile lateral deflection) 

method both utilise the Winkler approach in which the pile is considered as a beam on 

an elastic foundation that is supported by a numb

s

the subgrade reaction method is inaccurate as it assumes soil resistance to be linearly 

dependent on pile deflection while the p-y method can assume a non-linear 

dependency between soil resistance and pile deflection and is therefore able to 

produce a more accurate solution. This method will be discussed in greater detail in 

section 2.6. 

 

The elasticity method by Poulos (1971) is an elastic solution that assumes the soil to 

be an elastic, homogeneous, isotropic half-space with a constant Young's modulus and 

Poisson's ratio. Since the method includes soil continuity, Poulos argued that the 

Winkler model of using a series of discrete springs to model the soil behaviour is 

incorrect. To justify his claim, P
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deflections from the Winkler model were greater than his. However, the comparison 

of solutions between both models carried out by Vesic (1961) showed a small 

difference between the two methods for the case of an elastic material. This indicates 

that the subgrade reaction theory employing the Winkler assumption can be applied to 

the general case of nonlinear soil with a variable subgrade modulus while usage of the 

Poulos method is limited to materials which are linearly elastic (Meyer and Reese, 

1979). With the model assuming an elastic response as compared to an elasto-plastic 

response, this method is only suitable for small strains and unsuitable to calculate 

ultimate lateral resistance (Brødbæk et al 2009).   

 finite element (F.E.) method is a powerful tool that is capable 

of modelling soil continuity, soil non-linearity, pile/soil interface behaviour, and 3-D 

boundary conditions. According to Bathe (1996), the finite element method is a 

numerical method to solve physical problems that involves idealisation of a physical 

problem to a mathematical model that is governed by differential equations resulting 

from the assumptions made. The model is then discretised by dividing it into a mesh 

f fini  elem T  ensu e the solutio the solution “must satisfy 

e

nd Zdravkovic, 2001). Brown and Shie (1990) and Trochanis et al. (1991) were 

teral behaviour of monopiles has also been 

arried out in recent years. These include Achmus et al. (2011), Hearn (2009), and 

Lesny and Wiemann (2006) who studied the lateral behaviour of monopiles in sand 

w

ehaviour of monopiles in clay.  

 

The three-dimensional

o te ents. o r  n is valid, 

quilibrium, compatibility, constitutive behaviour and boundary conditions” (Potts 

a

among the people who initially led the way to the usage of 3-D F.E. modelling to 

investigate the response of laterally loaded piles.  

 

Following Brown and Shie (1990) and Trochanis et al. (1991), further 3-D F.E. 

studies have been carried out on laterally loaded piles by various researchers such as 

Pan et al. (2002) who studied the response of single piles to lateral soil movement, 

Karthigeyan et al. (2007) who studied the influence on vertical load on the lateral 

response of piles with varying slenderness ratios in both clayey and sandy soils and 

Kim and Jeong (2011) who analysed the soil resistance of large diameter piles in clay. 

3-D F.E. research pertaining to the la

c

hile Wu et al. (2009), Pradhan (2012), and Haiderali et al. (2013) studied the lateral 

b
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Despite the extensive capabilities of 3-D F.E. modelling, the method has its issues. 

Firstly, the method requires large amounts of effort in computation and in modelling 

the problem. Secondly, the validity of the results is questionable as the results are 

“highly dependent on the applied constitutive soil models as well as the calibration of 

these models” (Brødbæk et al 2009); making it ideal to compare F.E. results to either 

field or centrifuge test results. Gaps between soil and pile are also hard to account for 

in the models. Considering these factors, the usage of this tool is primarily for 

research and requires validation with test results or physical models if usage for 

design is considered. 

 

2.6 p-y Method 
 

                 
      (a)                  (b) 

Figure 2.8   Distribution of Stresses against a Pile before and after Lateral Deflection 
(Brødbæk et al., 2009) 

as adopted in the standard “Design of 

sho  Wind 2014) which represents the current state-

offshore industry (LeBlanc, 2009).  The p-y 

he integral value p of the mobilised resistance from 

 surr undin flects a distance y laterally, at a given point along 

 

igure 2.8(b). The pile is modelled as a number of consecutive beam-column 

 at each nodal point between the 

lements. The non-linear support springs are characterised by one p-y curve at each 

nodal point as displayed in Figure 2.9.  

 

Of the five types of methods, the p-y method w

Off re  Turbine Structures” (DNV, 

of-the-art for design of monopiles in the 

curves give the relation between t

the o g soil when the pile de

the pile. The soil pressure at a given depth, xt, before and after loading can be seen in

F

elements, supported by non-linear springs applied

e
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Figure 2.9   Model for a Pile under Lateral Loading with p-y Curves (Reese and Van 

Impe, 2001) 
 

o solve for pile displacements and pile stresses in any point along the pile for any 

applied load at the pile head, a numerical procedure is required to solve the fo

rder differential equation for beam bending with the appropriate boundary conditions.   

T

urth-

o

 

 
Figure 2.10   Element from Beam-Column (adapted from Reese and Van Impe, 2001) 

 

o derive the differential equation, an infinitely small unloaded element, bounded by 

 shown in Figure 2.10. The 

ymbols in Figure 2.10 represent the following: 

 

T

two horizontals a distance dx apart, is cut out of the pile as

s
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x  Position along the pile axis 

y  Lateral displacement of the pile 

M  Bending moment in the pile 

S  Shearing force in the pile 

Px  Axial force in pile 

p  Lateral soil reaction 

Epy  Reaction modulus of pile under lateral loading (i.e. slope of p-y curve) 

 

The equilibrium of moments leads to the equation 

 

0)( =−+−+ SdxdyPMdMM x  (2.1)
 

or 

 

0=−+ SdyPdM
x  

dxdx
(2.2)

 

Diffe

 

rentiating equation (2.2) with respect to x leads to the equation 

022 =−+
dxdx

P
dx x  

22 dSydMd (2.3)

 

Considering that, 

. 

4

4

2

2

dx
ydIE

dx
Md

pp=  (2.4)

 

p
dx
dS

=  (2.5)

 

yEp py=  (2.6)
 

Equations (2.4), (2.5), and (2.6) are substituted resulting in 

 

02

2

4

4

=−+ yE
dx

ydP
dx

ydIE pyxpp  (2.7)
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where EpIp represents the pile flexural rigidity. To analyse the pile under lateral loads, 

other beam formulas that are needed are: 

 

S
dx
dyP

dx
ydIE xpp =+3

3

 (2.8)

 

- M
dx

ydIE pp =2

2

 (2.9)

 

and, 

 

=
dx
dy Slope of Elastic Curve defined by pile axis (2.10)

 

By substituting, d2y/dx2 with ϕ, equation (2.9) results in    

 

- MIE pp =ϕ  (2.9a)
 

The sign conventions adopted are shown in Figure 2.11. Solving the differential 

quation would yield a set of curves similar to the ones displayed in Figure 2.12 e

except that in Figure 2.12, the curves give the response of a laterally loaded pile with 

no axial load applied. Though the axial load is small in comparison to the bending 

moment at the pile head and does not govern the design, axial load is to be included 

according to DNV (2014) standard as it may contribute to the bending moment and 

the mobilisation of lateral soil resistance owing to second-order effects.  

 

The following assumptions were made in deriving the differential equation (Reese 

and Van Impe, 2001): 

 

1. The pile is initially straight and has a uniform cross section; 

2. The pile has a longitudinal plane of symmetry, in which loads and reactions 

lie; 

3. The pile material is homogeneous and isotropic; 

4. The elastic limit of the pile material is not exceeded; 
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5. The modulus of elasticity of the pile material is the same in tension and 

compression; 

6. Transverse deflections of the pile are small; 

7. The pile is not subjected to dynamic loading, and; 

8. Deflections due to shearing stresses are small. 

 

 
Figure 2.11   Adopted Sign Convention (adapted from Reese and Van Impe, 2001) 

 

 
Figure 2.12   Complete Solution Results (adapted from Reese and Van Impe, 2001) 
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Many criteria have been made to construct the p-y curves for clay that include (1) soft 

clay criterion by Matlock (1970); (2) stiff clay criterion above the water table by 

Reese and Welch (1975); (3) stiff clay criterion below the water table by Reese et al. 

(1975); (4) Unified Clay criterion by Sullivan et al. (1980); (5) Integrated Clay 

criterion by Gazioglu and O’Neill (1984), and the most recent; (6) the use of Bezier 

curves to represent the p-y curves by Kodikara et al. (2010). The first five criteria 

were developed based on the results of full-scale lateral load tests for static and cyclic 

loading conditions. The p-y curves for these criteria are constructed as a function of 

o parameters. The static ultimate lateral resistance, pu (which is a function of tw

undrained shear strength, su and pile diameter, D) dictates the maximum soil reaction 

available while the reference deflection yc (which involves a constant, pile diameter, 

D and εc, the strain which occurs at half the maximum deviatoric stress in laboratory 

undrained compression tests of undisturbed soil samples, which corresponds to su) 

dictates the stiffness of the p-y curves with respect to lateral displacement. 

 

 
Figure 2.13   Undrained Stiffness to Undrained S

Plasticity (
hear Strengths for Clays with Low 

 Impe, 2001) 

tively reflects the decay in undrained 

Reese and Van
 

εc is utilised as it is a parameter that effec

stiffness. In Figure 2.13, ε50 corresponds to εc and cu correspond to su. As in Figure 

2.13(b), the slope of the secant, Es corresponds to the undrained stiffness. Figure 

2.13(c) shows the decrease in Es/cu with increasing strain. Since the undrained shear 
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strength remains constant in a particular case, the curves in Figure 2.13(c) reflect the 

decay in Es. The use of ε50 in p-y curves allows them to be normalised for clays whose 

iffness degrades at different rates with strain. 

 

O y 

riterion below the water ta e been used extensively in 

rations 

andard while the soft clay criterion is the only criterion adopted in the DNV (2014) 

“Design of Offshore Wind Turbine Structure” standard. The API standard categorises 

stiff clays to have su > 96 kPa while Appendix F of the DNV standard does not 

specifically mention that the soft clay criterion adopted is only applicable to soft clays. 

ssification Note 30.4 for Foundations (1992) does mention 

ethod in Appendix F is only applicable for soft clays having su values of up 

p-y curves for 

f clays. This m

stiff clays can be subjective. According to the DNV (1992) classification notes and 

al resistance of stiff clays will deteriorate rapidly 

p-y curves. of the soft clay criterion (Matlock, 1970) 

designs. Conservatism

designing for natural frequenc

 

The construction of Sullivan et al., 1980) 

Gazioglu and O'Neill, 1984) is similar to both soft 

c

ck (1970) and Reese et al. (1975), but a variable number that is dependent on 

pending on the soil in question, the value 

s the constant to calculate yc can be lower than the values suggested by 

Matlock (1970) and Reese et al. (1975). Even though the suggestion is reasonable, 

both criteria failed to make their way into the DNV (2014) or API (2011) standards. 

st

f the first five criteria, the soft clay criterion by Matlock (1970) and the stiff cla

ble by Reese et al. (1975) havc

the design of offshore platforms (Reese and Van Impe, 2001). Both criteria are 

adopted in the API (2011) RP2 Geotechnical and Foundation Design Conside

st

However, the DNV Cla

that the m

to 100 kPa. No method is mentioned in the DNV standard to develop 

stif ay be due to the possibility that the development of p-y curves for 

the API (2011) standard, the later

due to their brittle nature and that good judgement is required in developing the stress-

strain and  Therefore, the adoption 

in the DNV (2014) standard may be for the purpose of producing conservative 

 in ultimate resistance may, however, be unconservative when 

ies of soft-stiff systems. 

p-y curves via the Unified Clay criterion (

and the Integrated Clay criterion (

clay criterion and stiff clay criterion below the water table with the exception that 

both Unified Clay and Integrated Clay criteria suggests that the constant utilised in the 

calculation of reference deflection y  is not a fixed number as suggested by 

Matlo

the properties of the soil in question. De

utilised a

 23



This could be due to how well established the soft clay and stiff clay below water 

table criteria is in the ssibly the gre vatism that result

using a higher value constant to calculate yc which uces a softer p-y curve. 

ft clay criterion and stiff clay criterion below the water table will be 

y criterion above water table will not be discussed as 

is criterion is not applicable for offshore conditions where the clay will always be 

below the water table. The Unified Clay criterion and Integrated Clay criterion will be 

described in detail for the purpose of comparison to the soft clay criterion. Even 

though use of Bezier c s to construct -y curves established in ind

the criterion will be described f r completeness. 

.6.1 Soft Clay Criterion (Matlock, 1970) 

This criterion was derived from field tests carried out by Matlock (1970) on 0.324 m 

diameter circular steel pipe piles embedd  (result derness ratio 

of 39.5)  into soft clays having undrained shear strengths below 50 kPa. Figure 2.14 

displays the equipment set-up for the restrained-head load  out by 

Matlock to simulate the effect of a jacket-type structure.   

 

industry and po ater conser s from 

 in turn prod

Both the so

described in detail. The stiff cla

th

urve  p  is not well ustry, 

o

 

2

ed by 12.8 m ing in a slen

ing tests carried

 
Figure 2.14   Arrangement for Field Tests using Restrained-Head Lateral Loading 

carried out by Matlock (1970) 
 

Construction of p-y curves as outlined in Appendix F of the DNV standard (2014) 

requires the calculations of the static ultimate lateral resistance, pu  as follows: 

 

 24



XJsDXs uu ++ )'3( γ  for 0 < X ≤ XR 
pu = 

Dsu9  for X > XR 
(2.11) 

 

where, 

X  Depth below soil surface 

XR Transition depth, below which the value of (3su+γ'X)D+JsuX exceeds 

9suD 

D  Pile diameter 

su  Undrained shear strength of the soil 

γ'

J

1970) observed that a value of 0.25 fitted his 

ily overconsolidated stiff, fissured 

clays subjected to desiccation. 

 

Following calculation of static ultimate lateral resistance, the p-y curves for static and 

yclic loading can be determined. Reference deflection, yc = 2.5εcD where εc is the 

  Effective unit weight of soil 

 Dimensionless empirical constant whose value is in the range 0.25 to 

0.50.  0.50 is recommended for soft normally consolidated clay (DNV, 

2014) while Matlock (

data from Lake Austin that had heav

c

strain at half the maximum deviatoric stress in laboratory undrained compression tests. 

 

For static loading; 

 

3
1

2 ⎟⎟
⎠⎝ cyp = 

⎞
⎜⎜
⎛u yp  for y ≤ 8yc 

 up  for y ≥ 8yc

(2.12)

 

For cyclic load

 

 

ing and X > XR; 

3
1

2 ⎠⎝ cyp = 
⎟⎟
⎞

⎜⎜
⎛u yp  for y ≤ 3yc 

 up72.0  for y > 3yc 

(2.13)
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and for cyclic loading and X ≤ XR 

 

3
1

2 ⎟⎟
⎠

⎞
⎜⎜
⎝

⎛

c

u

y
yp  for y ≤ 3yc 

)
12

3)1(1(72.0 cyyXp
cR

u yX
−

−−p = 

 
R

u X
Xp72.0  

for y <3yc≤15yc 

for y > 15yc 

(2.14)

 2.15(b). The p-y curve for reloading after cyclic loading can be 

enerated as in Figure 2.15(c) by modifying Figure 2.15(b) to account for a possible 

ap between the soil and pile due to prev ore intensive) cyclic loading.   

 

Utilisation of equations (2.12), (2.13), and (2.14) will yield p-y curves as shown in 

Figure 2.15(a) and

g

g ious (m

 

 
Figure 2.15   Characteristic Shapes of p-y Curves for Soft Clay (a) Static Loading 

(b) Cyclic Loading (c) After Cyclic Loading (DNV, 1992) 
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2

his criterion was derived from field tests carried out by Reese et al. (1975) on 0.61 m 

diameter circular steel pipe piles with a final penetration depth of 14.94 m  (resulting 

i  

rom 96 kPa at ground surface to  depth. Figure 2.16 displays the 

.6.2 Stiff Clay Criterion below the Water Table (Reese et al., 1975) 

T

n a slenderness ratio of 35.5)  into clays having undrained shear strengths ranging

 375 kPa at 4.75 mf

equipment set-up.    

 
Figure 2.16   Field Test Setup for 0.61 m Diameter Test Piles by Reese et al. (1975) 

p-y curves, static ultim e resistance is calculated and is taken as the 

 

To construct the at

lesser of the following equations: 

 

XsDXDs uu 83.2'2 ++ γ  
pu = 

Dsu11  
(2

 construct the static p-y curve 

)(

.15) 

 

For this criterion, the reference deflection, y  = ε D.  Toc c

as shown in Figure 2.17, multiple segments have to be established. The initial straight 

line portion of the p-y curve is defined as: 

 

yXkp s=  (2.16)

action modulus that is dependent on the undrained 

hear strength. This value can be determined from Table 2.1. 

 

 

where ks is the initial subgrade re

s
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Average su (kPa) Subgrade reaction 
modulus ks (MN/m3) 50-100 100-200 300-400 
Static 135 270 540 
Cyclic 55 110 540 

Table 2.1   Recommended Values for k or Stiff Clays (Reese and Van Impe, 2001)  s f

 

 
Figure 2.17   Static Load p-y Curve for Stiff Clay below Water Table (adapted from 

Reese et al., 1975) 
 

rsection with the initial linear seg inating at y = Asyc, with As being a 

 Figure 2.18.  

The first parabolic segment is established by the following equation, beginning at the 

ment and terminte

constant whose value can be obtained from

 

5.0)(5.0
c

u y
ypp =  (2.17)

 

The second parabolic segment is constructed as follows and begins from y = Asyc and 

ends at y = 6Asyc. 

 

25.15.0 )(55.0)(5.0
csc

cs
uu yA

yAyp
y
ypp −

−=  (2.18)

 

The second linear segment that begins from y = 6Asyc and ends at y = 18Asyc is 

expressed as: 
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)6(0625.0411.0)6(5.0 5.0
csu

c
usu yAyp

y
pApp −−−=  (2.19)

 

The final straight line portion going beyond 18Asyc is defined as: 

 

suusu AppApp 75.0411.0)6(5.0 5.0 −−=  (2.20)
 

 
Figure 2.18   Values of C s and Ac Table (adapted from Reese et al., 1975) 

 

onstants A

 
Figure 2.19   Cyclic Load p-y curve for Stiff Clay below Water Table (adapted from 

Reese et al., 1975) 
 

The cyclic loading curve too has multiple segments as shown in Figure 2.19. Similar 

to the static p-y curve, the initial linear segment is obtained using equation (2.16). The 

first parabolic segment as defined in the equation below starts from the intersection 
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with the linear segment and stops at y = 0.6 yp where yp = 4.1Acyc and Ac is determined 

from Figure 2.18. 

 

⎥
⎥

⎦

⎤⎡ ⎞⎛ −
5.2

45.0 yy
⎢
⎢

⎣
⎟
⎟
⎠

⎜
⎜
⎝

−=
45.0

1
p

p
uc y

pAp  (2.21)

 

The  is 

onstructed as: 

 next straight line portion of the curve is defined from y = 0.6yp to y = 18yp and

c

 

)6.0(085.0936.0 pc
c

cc yyp
y

pAp −−=  (2.22)

 

The final segment is established as follows and goes beyond 18yp: 

 

pc
c

cc y
 

2.6.3 Unified Clay Criterion (

yppAp 102.0936.0 −=  (2.23)

n as the 

sser of the following equations: 

Sullivan et al., 1980) 

After reanalysing the field test results of Matlock (1970) and Reese et al. (1975) for 

both soft and stiff clays, Sullivan et al. (1980) proposed a unified approach to p-y 

curve construction for clays.   

 

To construct the p-y curves, the ultimate resistance is calculated and is take

le

 

DsX
Ds avgu

avgu

avg )()833.0
)(
'

2( ×++
γ

 

DsX
D u)5.03( +  

pu = 

Dsu9  

(2.24) 

 

where, 

 

 

 30



(su)avg  

'avg Average effective unit weight from ground surface to depth at which  

applies 

To construct the static p-y curve a gur le segments have to be 

established. Similar to the stif  y criterion of Reese et al. (1975), the static  

urve begins with a straight line. 

Average undrained shear strength above depth X 

γ

p-y curves 

 

s shown in Fi e 2.20 multip

f cla  p-y

c

 

 
Figure 2.20   Static Lo or Uni n (adapted from Sullivan 

et al.,
 

The straight line is ch

 

ad p-y Curve f fied Clay Criterio
 1980) 

aracterised as: 

yEp s max)(=  (2.25)

here (Es)max is the limiting maximum value of soil modulus on p-y curve for Unified 

ilable, (Es)max can be estimated by: 

 

w

Clay criterion.  When no other method is ava

 

XkE ss =max)(  (2.26)
 

Representative values for ks are given in Table 2.2. The curved section as shown in 

Figure 2.20 is defined in similar fashion to Matlock (1970) as in equation (2.12) of 

section 2.6.1. However, yc is defined as AεcD. A is the coefficient to define the shape 

of the p-y curve. In the final segment beyond 8yc , the soil resistance is calculated 

based on the depth in question. For X ≤ 12D: 
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⎥⎦
⎤

⎢⎣
⎡ −+=

D
XFFpp u 12

)1(  (2.27)

 

However, for X > 12D, p = pu . F is the coefficient used to define deterioration of soil 

resistan t lar at e  w ed 

empirically by Sullivan et al. (  the load test resu

show 2.3. 

 

s ) ks /m3) 

ce a ge deform ions. Th

19 om

coefficients A and F 

lts of Sabine and Manor as 

ere determin

80) fr

n in Table  

u (kPa  (MN
12 – 25 8 
25 – 50  27
50 – 100  80
100 – 200  270
200 – 400  800

Table 2.2   Recommended ks V or Clays for Different su (Sullivan et al., 1980) 

 

Site Sabine Manor 

alues f

River 
Clay 

scription De  = 15 kPa 
εc = 0.

R 
St ≈ 

LI = 1 

Inorganic, very fissured 
(  115

εc = 0.005 
 > 1

t ≈ 1 

LI = 0.5 

Inorganic, intact 
(su)avg

007 
OC ≈ 1 

2 
LL = 92 
PI = 68 

LL = 77 
PI = 60 

su)avg =  kPa 

OCR
S

0 

A 2.5 0.35 
F 1.0 0.5 

Table 2.3   Curve Parameters for Unified Clay Criterion (Sullivan et al., 1980) 

 

To determine A and F, Sullivan et al. (1980) recommends that designers determine as 

many properties of the clay such as su, εc, liquid limit (LL), plasticity index (PI), 

liquidity index (LI), failure strain from stress-strain curve, OCR, degree of saturation, 

sensitivity (St), degree of fissuring, and ratio of residual to peak shear strength. 

Following that, designers can compare the properties of the soil in question to the 

properties of the Sabine and Manor clays in Table 2.3. However, if the properties are 

not similar, A and F have to be estimated using judgement. 

 

The cyclic loading p-y curve is similar in shape to the static p-y curve as shown in 

Figure 2.21 and is constructed in e decrease in soil resistance due  similar fashion. Th
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to cyclic loading is consistent with Matlock 1970). Even though Sullivan et al. (1980) 

notes that the cyclic loading ctory agreement between the 

ca ) 

tates that the recommended shape of the cyclic p-y curve is completely empirical.  

 (

curve gives satisfa

lculated and measured results of the full-scale experiments, Sullivan et al. (1980

s

 

 
Figure 2.21   Cyclic Load p-y Curve for Unified Clay Criterion (adapted from 

n the straight line and 

urved portion. However, if there is no intersection, Sullivan et al. (1980) states that 

the curve will be defined by equation (2.25) until intersection with the segment that 

defines the curves at greater pile deflections. 

azioglu and O'Neill, 1984) 

he Integrated Clay criterion developed by Gazioglu and O’Neill (1984) was 

e the subjective distinction of 

Sullivan et al., 1980) 
 
The shapes of the static and cyclic p-y curves in Figure 2.20 and Figure 2.21 are based 

on the assumption that there will be an intersection betwee

c

 

2.6.4 Integrated Clay Criterion (G

T

developed to be applicable for all clays and to remov

cohesive soils as soft clays or stiff clays. The criterion was developed based on the 

results of 21 full-scale, field lateral load tests on piles installed at 11 locations. Soil 

conditions varied from very soft to very stiff. To develop the criterion, Gazioglu and 

O’Neill (1984) made reasonable assumptions regarding the influence of factors such 

as pile diameter, pile length, and soil stiffness and by optimising several parameters to 

produce a procedure that provided the best agreement with the available data. 

 

To construct the p-y curves, the ultimate soil resistance is calculated as 
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DsFNp upu =  (2.28)
 

wh ns 

easured from unconsolid ression tests. Values of F 

Fs and cyclic loading, Fc are shown in Table 2.4. 

ere F is the soil degradability factor that can be determined based on failure strai

ated undrained (UU) triaxial compm

for both static, 

 

UU Triaxial Compression Failure Strain Factor 
<0.02 0.02-0.06 >0.06 

Fs (static) 0.50 0.75 1.00 
Fc (cyclic) 0.33 0.67 1.00 

Table 2.4   Soil Degradability Factor, F (Gazioglu and O'Neill, 1984) 

 

p is defined as follows: 

3 + 6 (X/Xcr) for X ≤ Xcr 
Np = 

N

 

 9 for X > X
(2.29)

Xcr is the critical depth which is defined as 0.25Lc. c is the ength 

alculated as follows: 

cr 

 

L  critical pile l and is 

c

 

286.

sec

)(3
DE

IE
L pp

c =  (2.30)

su (kPa) Soil Modulus, Esec (kPa)

 

Where EpIp is the flexural stiffness of the pile and Esec is the secant soil stiffness at 

half the deviator stress at failure in UU triaxial compression. Esec values from the 

study are shown in Table 2.5.  

 

< 23.95 344.5 
23.95 – 47.9 344.5 – 1,033.5 
47.9 – 95.8 1,033.5 – 3,100.5 
95.8 – 191.6 3,100.5 – 10,335 
191.6 – 383.2 10,335 – 34,450 

> 383.2 34,450 
Table 2.5   Soil Modulus vs. Undrained Shea

(adapted from Gazioglu and O'Neill, 1984) 

 

r Strength for Integrated Clay Criterion 
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The reference deflection, yc is calculated as 

 
125.0

sec

5.0' ⎟⎟⎜⎜=
E

DAy pp
cc ε  (2.31) 

 was determined through an optimisation technique base

⎠

⎞

⎝

⎛ IE

 

d on modelling seven full-

own in Table 2.6. As shown in Table 2.6, A´ 

generally increases with increasing OCR and increases somewhat with increasing load. 

The two extremely large A´ values at Houston and Manor were considered as 

anomalies. Gazioglu and O’Neill (1984) attributed this to the unstable moisture 

conditions at Manor and to the shear strength profile selected for analysis that 

modelled the soil near the surface as being too stiff for Houston. Based on the data 

available, Gazioglu and O’Neill (1984) decided that A´ is 0.8 for all soils. 

 

Site 
Location 

Pile Head 
Condition 

Lateral 
Load (kN) 

Optimized 
A' Factor 

Average A' 
Factor 

Consolidation 
of Site Soil 

A´

scale static and cyclic tests as sh

12.91 0.40 
37.83 0.50 Sabine, TX Free 
56.07 0.50 

0.467 Approx. NC 

13.35 0.70 
48.95 0.86 Lake Austin, 

TX Free 
76.54 0.90 

0.820 Slightly OC 

315.95 0.50 
574.05 0.60 Houston, TX 

(1.22m) Free 0.727 OC 
756.50 1.08 
17.80 0.96 
42.72 2.90 Houston, TX 

(0.27m) Free 
.53 4.40 

2.433 OC 
64
48. 1.95 50 

178.00 3.00 Manor, TX Fr
29

H ily OC (0.64m) ee 
3.70 4.00 

2.833 eav

21.36 0.40 
55.63 0.60 Sabine, TX Restrai
76. 1

0.66ned 
10 .00 

7 Approx. NC 

5.34 0.30 
16 0.91 .31 Harvey, LA Restra 0 . ined .373 Approx NC 
24.48 0.51 

Table 2.6   Results rom Gazioglu and 
O'Neill, 1984) 

 of A´-Factor Optimisation Study (adapted f
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(a) Static Loading 

 
(b) Cyclic Loading 

Figure 2.22   p-y Curve for Integrated Clay Criterion (Gazioglu and O'Neill, 1984) 

 

To construct the static loading p-y curve as shown in Figure 2.22(a), the initial portion 

for y < 6yc is characterised as: 

 

387.0)(
2 c

u

y
ypp =  (2.32)

 

Beyond 6yc and for X < Xcr ,the p-y curve is constructed as follows: 

 

])1([
cr

ssu X
XFFpp −+=  (2.33)
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Beyond 6yc and for X ≥ Xcr, p = pu. 

 

he cyclic p-y curve is constructed in similar fashion to the static p-y curve as shown 

X < Xcr , the soil resistance is modelled as :  

T

in Figure 2.22 (b). The initial portion is constructed as shown in equation (2.32) until 

yc. Beyond yc, for 

 

cr

 

Beyond yc and for X ≥ Xcr , p = 0.5pu. 

 

2.6.5 Use of Bezier Curves (

c X
XFp 5.0=  (2.34)

 the ultimate resistance pu at displacement yu. Beyond yu, the 

sistance is considered to be constant for ideally plastic clay. To construct the p-y 

Kodikara et al., 2010) 

Figure 2.23 shows the typical representation of p-y curve of a single pile in soft clay. 

The first linear portion until displacement ye is characterised by stiffness Ki (MPa), 

signifying the linear-elastic behaviour of soil. The second portion is the non-linear 

segment that leads up to

re

curve, the four parameters (yu , ye , Ki, and pu) need to be evaluated. Kodikara et al. 

(2010) found that the family of curves known as Casteljau’s algorithm introduced by 

the French engineer, Pierre Bezier, in the 1970s (Mortenson, 1985) that is currently 

used in automotive design to be worthy of consideration.  

 

 
Figure 2.23   Typical Representations of p-y Curve (Bransby, 1996) and Bezier 

technique (Kodikara et al., 2010) 
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Therefore, for the prediction of the p-y curve as in Figure 2.23, one can consider 

Kiye), (y2 , p2) = (1 / Kipu , pu) and (y(y1 , p1) = (ye , pe) = (ye , 3 , p3) = (yu , pu). Based 

on this basis, the p-y curve can be represented by the following equations. For the 

linear segment where y ≤ ye : 

 

yKp i=  (2.35)
 

Following the linear segment, the non-linear segment where ye ≤ y ≤ yu: 

 

uu
i

 

e yup
K

uuyuy 22 1)1(2)1( +−+−=  for 0 ≤ u ≤ 1 (2.36)

uuei pupuuyKup 22 )1(2)1( +−+−=  for 0 ≤ u ≤ 1 (2.37)
 

where u is a continuous dummy variable between 0 and 1. In the final segment where 

y ≥ yu , p = pu. 

 

To determine pu, Kodikara et al. (2010) utilised the pu/suD curve derived from 

comprehensive FLAC modelling by Lee (2005) and Kodikara et al. (2006) that 

considered the pile as linear elastic and soil as Mohr-Coulomb materials under plane 

strain conditions. The FLAC curve is shown in Figure 2.24 and it compares well with 

the solutions of Randolph and Houlsby (1984) derived from classic plasticity theory. 

 

Calculation of yu, ye, and Ki can be determined from the following equations: 

 

⎟
⎠
⎞

⎜
⎝
⎛=

G
sDy u

u α  (2.38)

 

⎟
⎠
⎞

⎜
⎝
⎛=

G
sDy u

e β  (2.39)

 

])([ C
s
sBGK

u

i
i +=  (2.40)
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G is the soil shear modulus while si/su is the mobilised interface strength. Values of 

constants α, β, B and C for various interface and soil failure conditions are given in 

Table 2.7. In Table 2.7, σt, the soil tensile strength and σo, the initial compressive 

stress are utilised to determine if tensile failure takes place. 

 

 
Figure 2.24   Variation in pu/cuD with si/su (adapted from Kodikara et al., 2010) 

 

α β 

Failure condition 
No 

interface 
adhesion 
(si/su = 0) 

High-
interface 
adhesion 
(si/su = 1) 

No 
interface 
adhesion 
(si/su = 0) 

High-
interface 
adhesion 
(si/su = 1) 

B C 

No tension failure 
(|σt| + σo > 7su) 

6.615 7.142 1.065 1.093 0.4144 3.7881 

Tension failure  
(|σt| + σo ≤ 7su) 

52.960 54.600 1.169 1.290 0.8317 2.1190 

Table 2.7   Values of Constants α, β, B and C for Tension and No-Tension Failure of 
Soils (adapted from Kodikara et al., 2010) 
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2.7 Iss  Current Met y 
The usa  to design la d piles has proven to be effective due 

to the low failure rates of piles Howe ) 

highlighted that the design me d outs e and 

does not take into account se  be discussed in the following 

secti

 

2

ues with hodolog
g se of p-y curve terally loade

 over several decades.  ver, LeBlanc et al. (2010b

thodology is being use

veral design issues that will

ide its verified rang

ons. 

.7.1 Rigid Pile Behaviour vs. Flexible Pile Behaviour 

 

 
Figure 2.25   Rigid vs. Flexible Pile Behaviour (Brødbæk et al., 2009) 

 

As in sections 2.6.1 and 2.6.2, the criteria used to construct 

eveloped based on field tests on long, slender, and flexible piles that have 

p-y curves in clay were 

d

slenderness ratios as high as 39.5. However, recently installed monopiles are  

designed to have slenderness ratios of around 5 (LeBlanc et al., 2010b), making 

monopiles short and rigid piles. As shown in Figure 2.25, there is a difference in 

behaviour between the two. A long flexible pile bends around a pivot point when 

laterally loaded. However, a short rigid pile rotates without flexing significantly and 

develops a significant “toe-kick” (lateral displacement at the end of the embedded pile 

shaft) that generates a shear force at the pile toe that increases total lateral resistance 

(Brødbæk et al., 2009). According to Reese and Van Impe (2001), even though tests 

have been made to quantify the pile toe shear force, no results from these tests have 

been published and no methods to quantify the shear force have been proposed. 
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According to Briaud et al. (1984), it is necessary to make a distinction between a pile 

that behaves in an almost rigid manner and one that is relatively flexible as the soil 

sponse is dependent on pile flexibility. Criteria to distinguish between rigid versus re

flexible pile behaviour have been proposed by various researchers, for example Dobry 

et al. (1982), Budhu and Davies (1987), and Poulos and Hull (1989). According to 

Poulos and Hull (1989), a pile behaves rigidly according to the following criterion: 

 

25.0)(48.1
s

pp

E
IE

L <  (2.41)

 

Es is the Young’s modulus of elasticity of the soil.  The criterion for flexible pile 

behaviour is  

 

25.0)(44.4
s

pp

E
IE

L >  (2.42)

 

According to equations (2.41) and (2.42), a monopile with an outer diameter of 4 m, 

an embedded length of 20 m, and a wall thickness of 0.05 m behaves rigidly if 

Es < 7.6 MPa.  In contrast, the pile exhibits a flexible behaviour if Es > 617 MPa. 

Since stiff clays and dense sands have Es < 100 MPa (USACE, 1990), the monopile is 

expected to exhibit an intermediate behaviour that is a combination of both rigid and 

exible behaviour. However, based on the equations above, Brødbæk et al. (2009) 

 22 m 

elow the mudline, which is approximately 73% of the embedded depth. 

fl

expects recently installed monopiles to behave more like a rigid pile than a flexible 

one.  

 

As shown in Figure 2.26, Abdel-Rahman and Achmus (2005) carried out 3-D finite 

element modelling on a 7.5 m monopile embedded 30 m into sand with properties 

representative of the dense sand found in the North and Baltic seas off the German 

coast. The monopile was loaded with a horizontal force of 8 MN and a bending 

moment of 240 MN m at sea bed level. Based on their analysis, they determined that 

the monopile behaves as a rigid pile that rotates at depth. As shown in Figure 2.26, the 

monopile experiences lateral earth pressures of opposite signs at a rotation depth

b
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Figure 2.26   Mobilised Horizontal Stresses for a 7.5 m Monopile in 30 m Dense Sand 

(Abdel-Rahman and Achmus, 2005) 
 

Monotonic centrifuge tests on monopiles in sand by  Klinkvort and Hededal (2010) 

also show that the mo  ehaves as a s tates at 80% of 

e  

e monopile’s lateral behaviour, there is also the need to verify the suitability of the 

ch as Wieman et al. (2004), Abdel-Rahman and Achmus (2005), Lesny et al. (2007), 

nopile b tiff and rigid pile that ro

mbedded depth. Considering the points above, not only is there the need to confirm

th

p-y curves for monopile design. In addition, since shear force is expected to act at the 

pile toe, there is a need to quantify its contribution to lateral resistance and determine 

the effects it has on the monopile’s lateral behaviour. 

 

2.7.2 Estimation of Initial Pile-Soil Stiffness 

As highlighted in section 2.3, the natural frequency of the structure has to be designed 

to avoid the driving frequencies of turbine and the blades so that damage from 

resonance can be avoided. Therefore, it is crucial that the monopile be designed to 

have an appropriate stiffness that will prevent resonance. However, this can only be 

achieved provided the initial pile-soil stiffness, E*py (i.e. E*py = dp/dy, y = 0) is 

accurately estimated via the usage of the p-y design curves. Concerns have been 

raised regarding the appropriateness of the method to design monopiles by researchers 

su

and Augustesen et al. (2009) as their results suggests that the p-y method 

overestimates pile-soil stiffness for piles in sand. An example of this can be seen in 

Figure 2.27 from Abdel-Rahman and Achmus (2005) that shows the API (2011) p-y 

curves underestimating both lateral pile head displacement and rotation for horizontal 

forces exceeding 6 MN. Pradhan (2012) carried out F.E. analysis on monopiles in clay 
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and his results also suggests that the p-y method overestimates monopile-soil stiffness. 

This is unconservative for pile capacity and potentially problematic for natural 

frequency. 

 

  
   (a) Mudlin otation Angle 

igure 2.27   Comparison of Finite Element Results with p-y Results (Abdel-Rahman 

py

erous authors as highlighted in Table 

.8. Terzaghi (1955) analysed stress bulbs of piles in sand and clay and concluded that 

e Displacement   (b) Mudline R
F

and Achmus, 2005) 
 

Besides the accurate estimation of the initial soil stiffness, another area of concern has 

arisen. According to Lesny et al. (2007), the p-y method can be applied for pile 

diameters of 1 m – 2 m due to the experience gained over the many years. However, 

monopiles have much larger diameters ranging from 4.0 m to 7.5 m. Since there is the 

absence of experimental data or long-term pile behaviour experience that validates the 

applicability of the method on larger diameter monopiles, there is concern with 

regards to the effect pile diameter, D has on E*py. Research regarding the effects of D 

on the modulus of subgrade reaction, Epy (i.e. the secant modulus p/y) and E*  has 

been carried out over a number of years by num

2

Epy is independent of pile diameter. Vesic (1961) came to the same conclusion based 

on his proposed relation between the modulus of subgrade reaction used in the 

Winkler approach and the soil (applicable to both sands and clays) and pile properties. 

Carter (1984) and Ling (1988) used a simple hyperbolic soil model to conclude that 

Epy is linearly proportional to D and found good agreement between their predictions 

and field test results on piles embedded in both sands and clays. Though their 

conclusions pertain to the modulus of subgrade reaction, Epy , their conclusions might 

also be applicable to the initial stiffness, E*py. Research on piles in sand by Ashford 
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and Juirnarongrit (2005) and Fan and Long (2005) regarding the diameter effect on 

E*py show that pile diameter has an insignificant influence on E*py. In summary, the 

research results are mixed, indicating the lack of a conclusive and consistent outcome. 

Author Method 

 

Conclusion 
Terzaghi (195 A cal Independent 5) nalyti

Vesic (1961 l Independent ) Analytica
Carter (1984 Analy e earl ndent ) tical expr ssion Lin y depe

against full-scale tests 
Ling (1988) Validation of method Linearly dependent 

proposed by Carter (1984) 
Ashford and 

Juirnarongrit (2005) 
ical and la

tests 
nNumer rge scale Insig ificant influence 

Fan and Long (2005) N ca gnumeri l Insi ificant influence 
Table 2.8  onologica es on ete t and Initial 

Stiffn u Brødbæk et al., 2009
 

ue to the lack of a conclusive and tcome, monopile focused research 

 Chr l List of R earch  Diam r Effect on Secan
ess of p-y c rves ( ) 

D  consistent ou

has been carried out to determine the influence diameter has on pile-soil stiffness by a 

variety of researchers. One example would be Achmus et al. (2011). Utilising a 

similar 3-D finite element model to Abdel-Rahman and Achmus (2005), Achmus et al. 

(2011) studied the lateral response of monopiles of varying diameters (0.61m, 1.5 m, 

3.0 m, 4.0 m, 5.5 m and 7.5 m) embedded in sands of varying relative densities (loose, 

medium dense, dense, and very dense) and compared their results with the estimates 

from the p-y method. Figure 2.28 compares the numerically derived pile head 

displacements to the displacements from the p-y method. 

 

 
Figure 2.28   Ratio of Numerically Derived Pile Head Displacements to 

Displacements from p-y Method relative to Sand Relative Density and Pile Diameter 
(Achmus et al., 2011) 
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From Figure 2.28, it can be seen that with increasing diameter and starting from 

D = 1.5 m, the finite element displacements are larger than the displacements from the 

p-y method, with the effects being less pronounced for loose sands. For D = 7.5 m, 

depending on the soil conditions, the p-y method underestimates the F.E. 

displacement by 30% to 50%. Besides Achmus et al. (2011), other researchers who 

have investigated this matter include Lesny and Wiemann (2006) and Hearn (2009) 

who carried out finite element modelling on monopiles of varying diameters in sand 

nd Leth (2013) who carried out centrifuge testing on stiff piles with diameters 

bedment lengths 6 to 10 times the diameter into dry 

of a 0.15 m pile. Though 

oment distributions were well estimated, the deflections were considerably 

azioglu and O’Neill (1984) raise the possibility that the 

onstant utilised to calculate the reference deflection yc is not a fixed number as 

a

ranging from 1 m – 3 m and em

sand. Similar to Achmus et al. (2011), their results suggests that for monopiles in sand, 

the p-y method overestimates the initial soil stiffness when applied to large diameter 

monopiles. 

 

Though the results above pertain to monopiles in sand, there is the possibility that the 

E*py of monopiles in clay may also be inaccurately estimated. Research results 

pertaining to cohesive soils from Reese et al. (1975), Stevens and Audibert (1979), 

O’Neill and Dunnavant (1984) and Dunnavant and O’Neill (1985) suggests that Epy 

may be dependent on pile diameter, D. Reese et al. (1975) back-calculated curves for 

a 0.61 m diameter pile in order to predict the response 

m

underestimated to the measured values of the 0.15 m pile. Stevens and Audibert (1979) 

found that the Matlock (1970) and API (1978) criteria overestimated the pile 

deflections. In addition, the overestimation increased with increasing pile diameter, 

suggesting that Epy increases with D. O’Neill and Dunnavant (1984) and Dunnavant 

and O’Neill (1985) laterally loaded 0.27 m, 1.22 m, and 1.83 m piles in 

overconsolidated clay and found that there was a non-linear relation between 

deflection and D. Deflection at 50% of pu decreased with increasing D, suggesting 

that Epy increases with D. Though the results pertain to Epy , their conclusions might 

be applicable E*py , highlighting the possibility that E*py of monopiles in clay may be 

inaccurately estimated by the recommended industry standard. 

 

In addition, as highlighted at the end of section 2.6, the p-y criteria suggested by 

Sullivan et al. (1980) and G

c
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suggested by Matlock (1970) and Reese et al. (1975), but a variable number that is 

dependent on the properties of the soil in question. Depending on the soil in question, 

the value utilised as the constant to calculate yc can be lower than the values suggested 

by Matlock (1970) and Reese et al. (1975). Assuming this is true, there is the 

possibility that monopiles designed via the soft clay and stiff clay below water table 

criteria may underestimate the initial pile-soil stiffness. One possible example that 

reflects this possibility is the Lely wind farm in Ijsselmeer, Netherlands.  

 

                  
   (a)                (b) 

Figure 2.29   Lely Wind Farm (a) Layout of Wind Turbines (b) Typical Soil Profile 
(Delft University of Technology et al., 2003) 

 

According to Kühn (2000), the Lely wind farm consists of four active-stall regulated 

500 kW turbines supported by monopiles with D = 3.2 m – 3.7 m and L = 26 m – 

28 m. The location and the typical soil profile for the four wind turbines are shown in 

Figure 2.29. According to the Delft University of Technology et al. (2003), the 

average water depth at locations A1, A3 and A4 is between 5 m and 6 m while the 

average water depth at A2 is 10 m due to dredging. The soil generally consists of 

dense sand overlain with soft clay. The piles penetrate into the stiff clay layer, but do 

not reach the very dense sand. The layer of dense sand at A2 is thinner relative to the 

other locations, but it is unclear in the reference the precise stratigraphy at this 

cation. Monopiles at location A1, A3, and A4 were designed to be “soft-stiff” while lo
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A2 was designed to be “soft-soft” since the rst natural frequency of the structure was 

pre ). 

e

2nd Bending Mode (Hz) 

fi

dicted to be below the rotational frequency of the wind turbine rotor (Kühn, 2000

 

Six months after installation, measurements of the eigenfrequencies of turbine A2 and 

A3 confirmed stiffer behaviour than predicted by design calculations as shown in 

Table 2.9. However, the difference between m asured and predicted eigenfrequencies 

for turbine A2 was considerable and of such a magnitude to change the structure from 

the intended “soft-soft” to a “soft-stiff” structure (Kühn, 2000). According to Kühn 

(2001), a parametric study was carried out to investigate the cause of differences 

between predictions and measurements. The design calculations were also repeated 

with more realistic assumptions. However, the p-y curves were maintained since 

derivation from cone penetration tests and partly laboratory tests could be reproduced. 

Based on the investigation, three “speculative explanations” (Kühn, 2001) were 

offered. Firstly, site conditions could be different than assumed. Secondly, the design 

might not correspond to specifications and thirdly, the measurement at A2 might be 

wrong.  

 

1st Bending Mode (Hz) Turbine 
Predicted Measured Difference Predicted Measured Difference

A2 0.399 0.634 -37% 1.6 3.7 -57% 
A3 0.672 0.735 -9% 2.6 4.0 -35% 
Table 2.9   Predicted and Measured Frequencies of Turbines in Lely Wind Farm 

(Delft University of Technology et al., 2003) 
  

The soft clay criterion by Matlock (1970) was utilised to construct the p-y curves 

(Delft University of Technology et al., 2003). Given the possibility that the p-y curves 

from Matlock (1970) may underestimate the pile-soil stiffness (as highlighted by the 

comparison with Sullivan et al. (1980) and Gazioglu and O’Neill (1984)), it is 

possible that the large difference between measured and predicted frequencies at 

cation A2 is due to underestimation of the pile-soil stiffness resulting from the lo

usage of p-y curves derived from the soft clay criterion. Assuming the clay had 

similar properties to the heavily overconsolidated Manor clay tested by Sullivan et 

al. (1980), it is possible that the constant to calculate yc could be as low as 0.35 

instead of 2.5 as suggested by Matlock (1970). 
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An assessment of the maximum permanent monopile rotation requirement of 0.5° at 

m

soft clay and stiff clay below water table criteria was carried out. This was done to 

etermine where a typical design would fall with respect to the curves. If a 4 m 

Consolidation State su (kPa) ε yc (m) 3yc (m) 

udline (Achmus et al., 2009) with respect to the p-y curves constructed based on the 

d

diameter monopile embedded 20 m into soft clay rotated at 80% of its embedded 

depth (as observed in the centrifuge tests of Klinkvort and Hededal (2010) for 

monopiles in sand), the resulting displacement at mudline would be 0.14 m. The 

results of the assessment are summarised in Table 2.10 and Table 2.11. Values of εc 

for both normally consolidated (NC) and overconsolidated (OC) clays for different 

shear strengths were obtained from Peck et al. (1974) and Reese and Van Impe (2001). 

An As and Ac value of 0.2 was utilised based on the curves of Figure 2.18. 

 

c 
NC <48 0.02 0.2 0.6 
NC 48 – 96 0.01 0.1 0.3 
OC 50 – 100 0.007 0.07 0.21 

Table 2.10   Reference Deflection for 4 m Monopile for Soft Clay Criterion 

 

Static Load (m) Cyclic Load (m) Consolidation 
State su (kPa) εc 6Asyc 18Asyc 0.6yp 18yp 
NC 96 – 192  0.005 0.024 0.072 0.0098 0.2952 
OC 100 – 200 0.005 0.024 0.072 0.0098 0.2952 
OC 300 – 400 0.004 0.0192 0.0576 0.0079 0.2362 

Table 2.11   Reference Deflection for 4 m Monopile for Stiff Clay Criterion below 
Water Table 

 

As can be seen from Table 2.10, the maximum displacement allowed at mudline is 

less than 3yc based on the soft clay criterion. Since the requirement is well within the 

itial non-linear segment of the p-y curve as seen in Figure 2.15, it suggests that the 

linear segments of both static and cyclic loading curves are not important for 

monopile serviceability failure design in soft clays. The values also emphasize the 

importance of accurately estimating the pile-soil stiffness to prevent serviceability 

failure for monopiles in soft clays. In Table 2.11, the maximum displacement at 

mudline requirement greatly exceeds both 6Asyc and 0.6yp of both static and cyclic p-y 

curves of the stiff clay below water table criterion, entering well into the linear 

segments where soil resistance degrades significantly as compared to Figure 2.17 and 

Figure 2.19. This suggests that the design for serviceability failure for monopiles in 

in
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stiff clay is similar to ultimate limit states design as conservatism is required to 

account for the reduction in soil resistance. The values in Table 2.11 also suggests that 

accurate estimation of the initial pile-soil stiffness may not be of great importance for 

monopiles in stiff clay as serviceability failure takes place beyond the initial non-

linear segments of the p-y curves.  

 

The points above highlight the need to determine if the p-y curves recommended by 

either API (2011) or DNV (2014) standards accurately estimate the initial pile-soil 

stiffness for large diameter monopiles. Since much research has been carried out in 

san n 

onopiles in clay. Based on the assessment of the serviceability design requirements 

extreme storm conditions but also 

rviceability conditions. This is because both intense and continuous cyclic loading 

tain its stiffness over its long design lifespan of 25 years under 

d, there is a need to fill the gap in knowledge by carrying out research o

m

with respect to the p-y curves for clay, the values suggests that accurate estimation of 

the initial pile-soil stiffness is of greater importance for monopiles in soft clays than 

stiff clays. Therefore, research regarding the initial-pile soil stiffness for monopiles in 

soft clay is of greater importance as compared to monopiles in stiff clays. 

 

2.7.3 Cyclic Loading Design 

As highlighted in section 2.3, offshore wind turbines are expected to be subjected to at 

least 150 million cycles of load over their 25 year design lifespan due to wind and 

wave loads. Not only do designers have to consider 

se

may lead to accumulation of pile head deformation and rotation. Another area of 

concern is the changes in pile-soil stiffness due to long-term cyclic loading. Since the 

structure is a dynamic structure, changes in the pile-soil stiffness (degradation / 

stiffening) will alter the natural frequency of the system. Significant changes in 

natural frequency may lead to unplanned system resonances and excessive cyclic 

displacements that would result in failure of the structure.  

 

Considering that “wind energy converters are relatively sensitive to deformations, in 

particular tilting” (Achmus et al., 2010) and that “long-term movements may 

significantly impact all parts of the wind turbine, including the support structure, 

machine components and blades” (LeBlanc, 2009), designers are faced with the 

arduous tasks of limiting the permanent rotation of the monopile and designing the 

monopile to main
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millions of cyclic loads. Their job is not made any easier by the strict displacement 

requirements. “In recent projects, a maxim m permanent rotation of a monopile at 

mu ts, 

e tasks at hand are extremely d e as very little is known on the 

u

dline of 0.5o was required” (Achmus et al 2009). Despite the strict requiremen

ifficult to achievth

effects of cyclic loading. This is especially true for clays and at the same time 

important as the “effects of cyclic loading are most significant for piles in cohesive 

soils” (DNV, 2014). 

 

Even though much is demanded from designers, the p-y curves recommended by the 

DNV industry standard (2014) have various shortcomings when utilised for cyclic 

loading design. Firstly, the curves are designed primarily for the evaluation of 

ultimate lateral capacity as the p-y curves try to account for the cyclic effects by 

scaling down the ultimate lateral resistance (i.e. Figure 2.15(b)) to capture the steady 

state. As highlighted by Long and Vanneste (1994) who carried out cyclic lateral load 

tests on piles in sand, important factors that contribute to the resulting displacement 

such as cyclic load characteristics and number of load cycles are not accounted for. 

 

 
Figure 2.30   Clay Stress-Strain Curve from Cyclic Constant-Volume Equivalent 

Undrained Direct Simple-Shear Test (Matasović and Vucetic, 1995) 
 

Secondly, the p-y curves for both soft and stiff clay were derived from piles subjected 

to 100 cycles of loading at most (Matlock, 1970, Reese et al., 1975), far less in 

comparison to the millions of load cycles a monopile experiences over its lifetime.  

Even though an equilibrium response was reported in less than 100 cycles, cyclic 

degradation and permanent deformation effects on the soil may be a lot more severe 
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past 100 cycles as “it is probable that application of hundreds or thousands of cycles 

would have caused additional deflection” (Reese and Van Impe, 2001). This is 

possible considering the nonlinear stress-strain behaviour of soil as shown in Figure 

2.30 in which the stiffness of clay is observed to degrade with increasing strains as a 

result of cyclic loading. In Figure 2.30, γc is cyclic shear-strain amplitude, N is cycle 

number, τcN is cyclic shear-stress amplitude at cycle N, and GsN is secant shear 

modulus at cycle N.   

 

 
Figure 2.31   Seca S

Satu  1994) 
 

As shown in Figure 2.31,

s n a th e volumetric 

cyclic threshold shear tr  

material. When γtl <  y 

elastic because perm e

negligible. However, w γ , significant permanent volumetric and 

microstructural chang   

e ter p s  

increasing γc, GsN inc s  

modulus at small strains r (DSDSS) tests 

carried out by Cavallaro y 

Darendeli and Stokoe (2

modulus reduction cu e

γc, as shown by the modified curves in Figure 2.31 

nt hear Modulus Reduction vs. Cyclic Shear Strain for Fully 
rated Soils (adapted from Vucetic,

 adapted from Vucetic (1994), there are two cyclic threshold 

hear strains know s e linear cyclic threshold shear strain, γtl and th

 s ain, γtv. When γc < γtl, the soil behaves as a linearly elastic

γc < γtv , the soil becomes markedly nonlinear but remains largel

an nt changes of its microstructure still do not occur or are 

hen γc > tv

es take place and under repeated undrained cycles of load,

xcess pore wa res ures build-up resulting in degradation of stiffness. With

rea ingly reduces relative to Gmax N , the maximum initial shear

. Cyclic dual-specimen direct simple shea

 et al. (2003) on lightly overconsolidated clay and work b

001) who developed a framework to generate normalised 

s, suggest that G  reduces with cyclirv sN c loading for the same 
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This leads to the third sh c  and stiffness 

c ong-t m

T ome this defic at the 

stiffness of clay degrade

following equation pr o

 

ort oming, the fact that accumulated rotations

hanges due to l

o overc

er

iency, engineers under the general understanding th

 cyclic loading are poorly accounted for by the p-y curves. 

s with cyclic loading (Thiers and Seed, 1968), utilise the 

op sed by Idriss et al. (1978) to quantify stiffness degradation: 

dgrdt

c

c

cs 111

γ

cNcsN N
G
G −====

τ
τ

τ
γ
cNτ

δ  (2.43)

 

in which δ is the degradation index.  δ can then be linked to the degradation parameter 

tdgrd to take into account the rate of degradation with respect to the number of cycles.  

It is understood that the design of monopile relies to a large extent on stiffness 

degradation curves derived for earthquake loading such as the one shown in Figure 

2.32 by Vucetic and Dobry (1988). 

 

 
Figure 2.32   Variation of Degradation Parameter tdgrd with γc and Overconsolidation 
Ratio (OCR) for Four Venezuelan Offshore Clays (adapted from Vucetic and Dobry, 

1988) 
 

Even though engineers can carry out various laboratory tests such as bender element 

(BE), resonant column and cyclic triaxial tests to evaluate the initial shear modulus 

and the degradation parameter tdgrd to utilise in their design, the effectiveness and 

accuracy of equation (2.43) is heavily reliant on the tdgrd values that are selected over 

the considered strain range as a small change of tdgrd can have a large effect on 

modulus degradation. According to DNV guidelines (2002), rotating machines induce 
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small strains usually less than 10-5, wind and wave loads induce moderate strains up 

to 10-2, typically 10-3, while earthquakes induce large strains up to 10-2 and 10-1. 

 

As shown by Figure 2.33, the resonant column is capable of measuring small strains 

resulting from rotating machines while cyclic triaxial tests are capable of measuring 

strains resulting from both wind and ocean waves. Despite the capabilities of these 

tests, these tests each have their own shortcomings. The resonant column may not 

always provide the best determination of stiffness degradation as the large number of 

applied loading cycles and the high strain rates are not within control during the test 

while the reliability of the output from the triaxial test is dependent on how well the 

complex loading resulting from both wind and wave loads can be reduced to a series 

. load 07), 

the cyclic lo cterised by 

ave height, period, and wave direction. However, the transformation of both wind 

of simple cyclic load stages, i.e  collectives. According to Lesny and Hinz (20

ading sequence for waves can be modelled easily as it is chara

w

and currents to load collectives still requires more research. 

 

 
Figure 2.33   Strains Measureable by Different Laboratory Tests (Rattley, 2011) 

 

Besides causing cumulative strains, cyclic loading also causes the cumulative 

development of excess pore pressures that could lead to progressive weakening during 

a storm (Dean, 2010). Therefore, in order to accurately model the changes in strength 

in the surrounding soil, the cyclic pore water response of clay and its effects on shear 

strength should be considered. However, the p-y curves do not take into account these 

ffects as no pore water pressure measurements were made during the field tests. As a 

result, the p-y curves account for cyclic loading in an incomplete manner. The results 

e
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of Dobry and Vucetic (1987) as shown in Figure 2.34 highlight the importance of 

considering the cyclic pore water response of clay.  

 

Firstly, it shows that overconsolidated clays do not necessarily develop negative pore- 

water pressures at all times. Even though negative pore-water pressures may develop 

at the beginning, the pore-water-pressure generation trend may reverse as cycling 

continues and subsequently produce positive pore-water pressures that in turn reduce 

the strength and stiffness of the surrounding soil.  Secondly, Figure 2.34 also indicates 

that because pore-water-pressure generation is dependent on OCR, the pore-water-

pressure response of OC clays depends strongly on the loading history and the 

changes in clay microstructure during cyclic shear straining. Considering the 

limitations of the p-y curve, the lack of information regarding the generation of pore 

ressures due to cyclic loading and that no pore pressure measurements are monitored p

in the field (May, 2011), more research has to be carried out to determine the effects 

of excess pore water pressures generated by clay under cyclic loading onto the 

surrounding soil. 

 

 
Figure 2.34   Pore-Water Pressure Variation during Cyclic Loading (Dobry and 

Vucetic, 1987) 
 

According to Pender and Pranjoto (1996) and Tuladhar et al. (2008), a pile in 

cohesive soil subjected to cyclic lateral loading will cause the progressive formation 

of gaps in front and behind the pile shaft at the pile-soil interface. This leads to a 

potential shortcoming of utilising the recommended p-y curves for clays for monopile 

design; i.e. the p-y curves do not take into account the detrimental effects of gap 

formation resulting from cyclic loading. Based on the numerical studies carried out by 
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Pender and Pranjoto (1996), Prajonto and Pender (2003), and Allotey and El 

Naggar (2008) on gapping, their results suggest that gapping is the primary cause of 

cyclic degradation in the stiffness of piles embedded in clay. In addition, their results 

show that pile head lateral displacement, rotation, and maximum pile shaft moment 

are increased due to gap formation. Prajonto and Pender (2003) also observed that the 

gap depth increases with increasing load magnitude and number of cycles due to 

nonlinear soil behaviour. Despite the failure of the p-y curves to take into account the 

detrimental effects gap formation has on pile stiffness and pile head displacement and 

rotation, the p-y curves may take into account the effect gap formation has on 

r  

of laterally loaded 0.30 m diamete piles embedded 24.8 m deep into 

 determined that gapping had a significant effect on the pile’s lateral 

odel and centrifuge testing such as Li et al. (2010), LeBlanc et al. (2010b) 

educing the pile lateral capacity. Tuladhar et al. (2008) studied the cyclic behaviour

r concrete 

cohesive soil and

capacity. According to Tuladhar et al. (2008), the lateral load capacity of the 

specimen subjected to reverse cyclic loading degraded by 28% relative to monotonic 

loading. This is in-line with the factor of 0.72 recommended by the soft clay criterion 

of Matlock (1970) to calculate the reduced ultimate capacity from cyclic loading. 

 

Due to the shortcomings of the p-y curve for cyclic design, the DNV standard (2014) 

states that caution should be exercised when the curves are utilised to carry out 

serviceability and fatigue analysis of the pile. Research has been carried out by 

various researchers to investigate the cyclic behaviour of monopiles and to develop 

suggestions to address the shortcomings of the p-y curve. Most research in this area 

has been carried out on monopiles in sand as shown in Table 2.12. Based on the 

summary in Table 2.12, the findings regarding the cyclic behaviour of laterally loaded 

monopiles are both varied and consistent over certain aspects. For example, research 

involving m

and Klinkvort and Hededal (2013) have produced results that show stiffness increase 

from cyclic loading instead of stiffness degradation as suggested by Achmus et 

al. (2009) who utilised cyclic triaxial test results and F.E. analysis to develop a 

degradation stiffness model. Accumulated rotations increased logarithmically in Li et 

al. (2010) while both LeBlanc et al. (2010b) and Klinkvort and Hededal (2013) 

characterised the increase of accumulated rotations utilising a power law. 
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Author Research Details and Important Findings 
Lesny and Hinz • Predict accumulated displacements using data from cyclic 
(2007) triaxial tests and F.E. modelling incorporating Miner’s law. 
Achmus et al. 
(2009) 

• Utilised cyclic triaxial test results and F.E. analysis to 
develop degradation stiffness model. 

• Degradation stiffness model used to produce design charts 
to evaluate accumulated deformation utilising loading and 
geometric parameters as inputs. 

Cuéllar et al. 
(2009) 

• Model scale cyclic tests on a monopile in saturated dense 
sand with 5x106 one-way cycles. 

• Accumulation of rotation behaviour change from 
increasing cyclic amplitudes to stabilising cyclic 
amplitudes after 100,000 cycles of load. 

Li et al.  (2010) • Centrifuge testing on monopile in dense sand. 
• Pile lateral secant stiffness increases with cyclic loading as 

a result of local densification of sand. 
• Accumulation of displacements increased logarithmically. 

LeBlanc et al. 
(2010a) 

• Further developed accumulated rotation model to acc
for random two-way lateral loading that is based on
Miner’s rule. 

e s

ount 
 

• Model was validated by experiments with the sam etup 
as LeBlanc et al. (2010b). 

LeBlanc et al. 
(2010b) 

• Model scale cyclic lateral load tests on a scaled monopile 
in loose sand. 

• Suggested equations that quantified both cyclic pile secant 
stiffness and cyclic accumulated rotations. 
o Pile secant stiffness increased logarithmically. 
o Accumulated rotations increased based on power law. 

Klinkvort and 
Hededal (2013) 

• Centrifuge testing on monopiles in dense sand that were 
monotonically and cyclically loaded. 

• Developed a model framework similar to LeBlanc et al. 
(2010b) . 
o Secant stiffness increased logarithmically. 
o Accumulated rotations increased based on power law. 

Rudolph et al. 
(2014) 

• Centrifuge tests on monopiles in both loose and dense sand 
with direction varied and unidirectional cyclic loads. 

eased 
deformation accumulation relative to unidirectional case. 

• Suggested simple approach to estimate the additional 

• Direction varied results showed significantly incr

displacement accumulation from direction varied cyclic 
loads relative to unidirectional loads. 

Table 2.12   Research Summary on Monopile Cyclic Lateral Load Behaviour in Sand 

 

Even though Klinkvort and Hededal (2013) suggested a model framework similar to 

LeBlanc et al. (2010b), Klinkvort and Hededal (2013) noted differences between the 

ple, instead of 1.6-way cyclic loading being the most detrimental, models. For exam
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Klinkvort and Hededal (2013) observed that one-way loading was most detrimental. 

LeBlanc et al. (2010b) observed accumulated rotation regardless of the cyclic load 

characteristic while Klinkvort and Hededal (2013) observed the pile move back 

against its initial position for pure two-way loading. Klinkvort and Hededal (2013) 

suggested that the differences were mainly attributed to the differences in stress 

conditions between model and centrifuge testing. Since the tests of LeBlanc et 

al. (2010b) were carried out in loose sand to model the maximum angle of friction 

correctly, the loose sand most likely started to compact when loaded. In addition

since m l the  

correctly  of sand 

ed for by LeBlanc et al. (2010b). 

, 

odel testing is unable to mode  stresses, stiffness, and relative densities

, Klinkvort and Hededal (2013) suggests that the dilatant behaviour

could not be properly account

 

Research pertaining specifically to the cyclic loading behaviour of monopiles in clay 

has been extremely limited. So far, only Lombardi et al. (2013) has carried out 

research pertaining specifically to monopiles in clay by carrying out model cyclic 

tests on scaled model wind turbine in soft speswhite kaolin as shown in Figure 2.35.  

 

 
                (a) Physical Model             (b) Model set-up and Instrumentation 

Figure 2.35   Lombardi et al. (2013) Model Cyclic Test Setup 
 

To study the long-term behaviour, a series of tests were carried out in which the 

structure was subjected to between 32,000 and 172,000 cycles of horizontal loading 

with the utilisation of an electro-dynamic actuator. Based on the results, Lombardi et 
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al. (2013) concluded that cyclic loading of monopiles in clay is expected to cause 

softening depending on the soil strain level and ratio of system frequency to the 

forcing frequency. Lombardi et al. (2013) also developed guidance to monopile 

diameter selection based on bender element test results using the concept of 

volumetric threshold shear strain. Based on the guidance developed, the minimum 

ially ess 

egradation can be es  Lombardi et 

. (2013) are heavily 

uestionable, research related to rigid piles like Zhang et al. (2011) and Su et al. (2014) 

and research regarding the cyclic behaviour of piles in cohesive soil such as Heidari et 

al. (2014) were considered. Zhang et al. (2011) carried out centrifuge monotonic and 

two-way cyclic tests on a rigid pile in soft overconsolidated speswhite kaolin while Su 

et al. (2014) carried out model cyclic unidirectional and multidirectional laterally 

loaded tests on a rigid pile in soft compacted kaolin. Heidari et al. (2014) utilised the 

strain wedge method (SWM) to generate non-linear p-y curves which were then 

implemented as the backbone curve of developed beam on nonlinear Winkler 

foundation (BNWF) model to account for different response features of the pile-soil 

system, such as soil and pile nonlinearity, cyclic degradation of soil stiffness and 

strength, gapping, and radiation damping.  

 

The monotonic and cyclic tests of Zhang et al. (2011) were carried out on a fixed-

head 0.6 m diameter pile embedded 3 m into soft overconsolidated speswhite kaolin.

T  

num pile 

/s to ensure undrained conditions. Monotonic test results suggests 

monopile diameter that could potent prevent progressive foundation stiffn

d timated. Despite the extensive testing carried out by

al. (2013), the results are heavily questionable. Even though Lombardi et al. (2013) 

argue that their model scale test results can be scaled to prototype due to “conceptual 

understanding and knowledge gained from bender element tests on soils”, it is not 

physically possible for model testing to correctly model the prototype stresses and 

strains, resulting in incorrect modelling of the non-linear stress strain behaviour of 

soil. In addition, the excess pore pressure response from model tests in clay will not 

be correctly modelled as the response is strongly dependent on stress conditions, 

loading history, and changes in clay microstructure during cyclic shear straining.  

 

Considering that the model test results of Lombardi et al

q

 

he cyclic tests were displacement-controlled and across the tests, the minimum

ber of cycles applied was 20 cycles while the maximum was 100 cycles. The 

was loaded at 1 mm
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that the API (2000) criterion based on Matlock (1970) produces p-y curves that 

significantly underestimate the pile-soil stiffness of rigid piles. This is shown by the 

experimentally measured curve in Figure 2.36. Not only does the monotonic load-

displacement curve display a significantly stiffer response relative to the API (2000) 

estimate, the lateral load capacity measured is 25% higher. Therefore, further research 

has to be carried out to verify if the Matlock (1970) criterion to constructing p-y 

curves produces inaccurate estimates of pile-soil stiffness. 

 

 
Figure 2.36   Comparison of Load Test and Calculated Ultimate Capacity (Zhang et 

al., 2011)  
 

The monotonic test produced a gap whereas gaps were not observed in the cyclic tests, 

suggesting that gapping may not be an issue in cyclic loading. However, since only 

o-way cyclic tests were carried out, research involving cyclic loads of different 

ude is 

duced significantly. The findings of Zhang et al. (2011) are in line with the general 

tw

characteristics as carried out by LeBlanc et al. (2010b) and Klinkvort and 

Hededal (2013) should be performed to verify if gapping will be an issue in cyclic 

loading. In the cyclic tests of Zhang et al. (2011), lateral stiffness was observed to 

degrade with cycles, with higher degradation rates for larger amplitude cycles. Tests 

involving increasing then decreasing amplitudes show that smaller amplitude cycles 

do not contribute to further remolding and stiffness degradation if the amplit

re

understanding that cyclic loading causes stiffness degradation in clays (Thiers and 

Seed, 1968) and larger amplitude cyclic loads would induce greater strains that would 

cause greater reductions in stiffness relative to smaller amplitude cyclic loads.  
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Based on the results, Zhang et al. (2011) developed an approach to link cumulative 

lateral pile movement with cumulative remolding of cyclic T-bar test. The approach 

developed assumes that within a given lateral pile movement, y/D, the plastic 

component increases exponentially from zero for infinitesimal cycles to the total 

movement less some proportion (which was taken as 20%) of the pile diameter for 

large displacements. Therefore, in a given cycle, of amplitude ymax/D, the accumulated 

plastic strain (in addition to that from previous cycles) is 

 

)]tanh([4)( maxmax

fD
yf

D
y

D
y

p −=  (2.44)

 

where ymax is the maximum displacement, a factor of 4 converts from the amplitude to 

the full cumulative two-way displacement, and f was taken as 0.2. 

 

Zhang et al. (2011) assumed that one pass of the T-bar causes the same level of 

remolding as two diameters of fully plastic lateral movement of a pile. This is because 

two diameters is approximately the extent of the failure mechanism around a T-bar 

(Zhou and Randolph, 2009). With this assumption, any number of T-bar cycles (or 

partial cycles), ∆NT-bar, can be converted to an equivalent plastic lateral pile 

movement, (y/D)p as  

 

barTpD
Ny

−= 4)(  (2.45)

 

T  

perative shear strength has to be determ om a cyclic T-bar test as shown by the 

example in Figure 2.37. Once this has been performed, equations (2.44) and (2.45) 

can be used to derive the shear strength applicable through a series of lateral pile 

cycles, which may be of varying amplitude. For a given lateral cycle of amplitude 

ymax/D, equation (2.44) indicates the plastic pile movement accumulated within that 

cycle, which can be converted to an equivalent change in accumulated T-bar cycles, 

∆NT-bar, using equation (2.45), allowing the corresponding operative strength to be 

identified. 

o use these relationships, a link between the T-bar cycle number, NT-bar and

ined fro

 

 60



 
Figure 2.37   T-bar Resistance Degradation Factor (Zhang et al., 2011) 

 

When these equations were used to combine the data from the cyclic T-bar test and 

pile tests (with pile stiffness expressed in a normalised form, dividing by the value at 

a plastic strain of (y/D)p = 1), the estimates matched well as shown in Figure 2.38. 

However, this is partly attributable to the “highly tentative” and “rather arbitrary 

conversion factor” (Zhang et al., 2011) of equation (2.44). 

 

 
(a) Linear Displacement Scale       (b) Logarithmic Displacement Scale 

Figure 2.38   Normalised Stiffness Degradation (Zhang et al., 2011) 
 

The good agreement between the estimates and observations highlights the possibility 

of a link between the remolding behaviour during cyclic T-bar tests and cyclic lateral 

pile movement. However, the method may not be applicable for monopile design for 

various reasons. Firstly, the method may be limited to two-way cyclic loading as the 

estimates were matched to two-way cyclic loading results whereas monopiles will be 

subjected to cyclic loads of various characteristics. Secondly, the approach was tested 

against cyclic tests that involved at most 40 cycles whereas the monopile is expected 

 61



to experience millions of cycles over its lifetime. Utilisation of this method may result 

in inappropriate designs as it would be an extrapolation beyond its verified range. 

Thirdly, the good agreement between the estimates and observations was partly 

attributable to the “highly tentative” and “rather arbitrary conversion factor” (Zhang 

et al., 2011) of equation (2.44), indicating more research has to be carried out to 

justify the use of the conversion factor. Fourthly, fixed-head displacement-controlled 

cyclic tests are not representative of the conditions experienced by a monopile that 

moves freely based on the applied force. Therefore, the method may not be applicable 

for monopile design.  

 

Zhang et al. (2011) carried out a test involving constant-amplitude cycles with 

intervening periods of reconsolidation of 1 year, 5.3 years, 6.5 years, and 7.5 years. 

The secant stiffness was observed to recover after each period of reconsolidation, 

suggesting that lateral stiffness may reach a steady state independent of cycle number, 

representing a balance between the damaging effects of cyclic loading and the healing 

effects of time and reconsolidation. Though there is basis behind the suggestion, it 

may be unconservative to assume a steady state independent of cycle number will be 

achieved for monopile design as it is unlikely the clay will be allowed to reconsolidate 

for such great periods of time due to the cyclic loads from both wind and wave forces.  

 

 
             (a) Biaxial Model Platform     (b) Model Pile and Instrumentation 

Figure 2.39   Experiment Setup of Su et al. (2014) 
 

As shown in Figure 2.39, Su et al. (2014) carried out model cyclic unidirectional and 

multidirectional laterally loaded tests on a rigid 38 mm diameter aluminium tube with 
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a 2 mm thickness that was embedded 500 mm deep into soft compacted kaolin. This 

results in a slenderness ratio of 13.2. The pile head is clamped and is laterally loaded 

190 mm above the soil surface with a computer-controlled biaxial motion platform. 

The maximum lateral off-centre displacement was 13 mm. All tests were 

displacement-controlled and at a constant rate of 0.1 mm/s. Two types of 

unidirectional displacement paths (regular and irregular) and three types of 

multidirectional displacement paths (cross, eight-shape, and irregular) were tested as 

can be seen by the pile head displacement plots of Figure 2.40. 

 

 
Figure
(b) Time H tional Irregular Test (c) Path for Cross Test (d) Path for 

Eight-Shape
 

In the uni

degradation ed displacement amplitude, similar to the 

observ

al. (2014) egradation to 

resistan

degradation 1 and FN is the resistance 

in the f

greatest de

 

 2.40   Pile Head Displacement (a) Time History of Unidirectional Cyclic Test 
istory of Unidirec

 Test (e) Path for Multidirectional Irregular Test (Su et al., 2014) 

directional regular path tests, Su et al. (2014) observed that stiffness 

 was greater with increas

ations of Zhang et al. (2011). In the multidirectional regular path tests, Su et 

noted that the multidirectional cyclic loads caused greater d

ce as compared to unidirectional cyclic loads as shown in Figure 2.41. The 

 factor is defined as (1-FN/F1) x 100 %, where F

irst and N th cycle in the same test. In addition, the eight-shape path causes the 

gradation to lateral resistance. 
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       (a) 6 mm Displacement Amplitude        (b) 13 mm Displacement Amplitude 
Figure 2.41   Displacement Path Influence on Resistance Degradation (Su et al., 2014) 
 

As shown in Figure 2.41 for both 6 mm and 13 mm displacement amplitude, the 

degradation factor of the eight-shape path is 80% and 65% greater than the 

unidirectional path. Finally, it was observed in the unidirectional and multidirectional 

irregular path tests that the resistance of multidirectional loading is lower than 

unidirectional loading. Resistance of the multidirectional loading irregular path was 

10% and 15% lower relative to the unidirectional irregular path, enforcing the 

suggestion that multidirectional loading causes greater resistance degradation to 

unidirectional loading. Based on the findings, Su et al. (2014) recommend that the 

effects of multidirectional cyclic loads be considered in design.  

 

Even though the model tests of Su et al. (2014) fail to model the correct prototype 

stresses and strains, the findings are similar to the centrifuge tests on monopiles in 

both loose and dense sand of Rudolph et al. (2014) who observed that direction varied 

results showed significantly increased deformation accumulation relative to the 

unidirectional case. This suggests that the findings of Su et al. (2014) may be valid 

and the effects of multidirectional cyclic loads should be considered in design.  

 

Heidari et al. (2014) utilised the strain wedge method (SWM) to generate non-linear 

p-y curves which were then implemented as the backbone curve of developed beam 

on nonlinear Winkler foundation (BNWF) model to account for different response 

features of the pile-soil system, such as soil and pile nonlinearity, cyclic degradation 

of soil stiffness and strength, gapping, and radiation damping. To test the validity of 

the model, the predictions of the model were compared to the two-way cyclic load 

tests carried out by Pender & Pranjoto (Pender and Pranjoto, 1996, Pranjoto and 

Pender, 2003) and Tuladhar et al. (2008). Pender-Pranjoto (Pender and Pranjoto, 1996, 
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Pranjoto and Pender, 2003) studied the response of a 12 m long reinforced concrete 

pile with diameter of 600 mm, embedded in uniform medium-stiff clay whereas 

uladhar et al. (2008) studied the response of 0.3 m diameter hollow precast 

8 m deep into medium-stiff clay. The 

at  well with the measurements of Pender & 

ranjoto (Pender and Pranjoto, 1996, Pranjoto and Pender, 2003) as shown in Figure 

th eflection at ground surface normalised to diameter, Yo/d and 

T

prestressed concrete piles embedded 24.

estim es from the model developed match

P

2.42 at compares pile d

the maximum bending moment ratio, defined as pile maximum bending moment 

(Mmax) normalised by the pile yield moment (My). Increasing pile head displacements 

with the number of cycles is attributed to gap formation.  

 

 
(a) Maximum Ground Deflection Ratio      (b) Maximum Bending Moment Ratio 

Figure 2.42   Comparison between Estimates of Heidari et al. (2014) and 
Measurements of Pender-Pranjoto (Pender and Pranjoto, 1996, Pranjoto and Pender, 

2003) 
 

  
     (a) SWM-based Model       (b) API-based Model  

Figure 2.43   Load Displacement Comparison between Estimates of Heidari et al. 
(2014) and Measurements of Tuladhar et al. (2008) for Different Models 

 

The estimates from the developed model also agree with the measurements of 

Tuladhar et al. (2008) as shown in Figure 2.43. A comparison between the estimates 
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from the SWM-based model and the API-based model suggests that the API-based 

model overestimates the pile-soil stiffness, reinforcing the concern that the p-y curves 

criterion suggested by Matlock (1970) may produce inaccurate estimates of the initial 

ile-soil stiffness. 

 

The good agreement between the calculated and measured responses suggests that the 

model developed based on the SWM may be a reliable tool to predict the cyclic 

response of piles in cohesive soil. However, application of this model for monopile 

design may be inappropriate. Firstly, comparisons were carried out on long-flexible 

piles that were subjected to very few cycles of two-way cyclic loads whereas the 

monopile is expected to behave as a rigid pile and will be subjected to millions of 

cyclic loads of different characteristics. Secondly, even though the model is able to 

account for different response features including gapping, the consideration for 

g  

earlier, gaps were not observed ts of Zhang et al. (2011) who 

ading on rigid piles in soft clay. Despite the limitations, 

portance of modelling the correct stresses and strains, centrifuge 

 research the lateral behaviour of 

erent 

sponses for cyclic loads of different characteristics. In addition, since Zhang et 

greater than 100 to better determine the monopile’s long-term cyclic behaviour. 

p

apping may instead produce inaccurate results for monopile design. As highlighted

 in the centrifuge tes

carried out two-way cyclic lo

the promising results indicate that the model developed based on the SWM can be 

further improved and could potentially be utilised for monopile design. However, this 

can only be achieved with data from either field or centrifuge tests. 

 

From the review, there has been a lack of effort in evaluating the long-term effects of 

cyclic loading on monopiles in clay. In addition, there are barely any physical tests 

involving monopiles in overconsolidated clay that correctly model the non-linear 

stress strain behaviour of soil besides Zhang et al. (2011). Considering the lack of 

effort and the im

testing appears to be the most practical approach to

monopiles in overconsolidated clays. Since Zhang et al. (2011) carried out 

displacement-controlled two-way cyclic tests, centrifuge force-controlled cyclic 

testing on free-head monopiles in clay should be carried out to accurately model the 

loading conditions experienced in the field. Cyclic loads of various characteristics 

should be applied to the monopile as Klinkvort and Hededal (2013) reported diff

re

al. (2011) applied at most 100 cycles, the monopile should be subjected to cycles far 
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Excess pore pressure measurements were not taken by Zhang et al. (2011). Since 

excess pore water pressure can affect the response of the monopile, excess po  

easurements should be taken to study the excess pore water pressure 

onopile and to determine how it changes as a result of 

cyclic load

onopiles in clay should be carried out prior to multidirectional cyclic loads. 

This would enable comparisons to be made in the future between multidirectional and 

unidirectional test results. In addition, unidirectional centrifuge tests should be carried 

out first as time is required to develop better equipm t for multidirectional centr

tests. The promising results of Heidari et al. (2014) indicate that the model developed 

ased on the SWM could potentially be utilised for monopile design. Therefore, 

.8 Summary and Research Objectives 

rms in the UK are in the 

orth and central parts of UK, there is a high probability that the monopiles will be 

ing the p-y method in which the soil is modelled 

s a series of non-linear springs that are characterised by the p-y curves. The criterion 

recommended by the DN ustry st  curves is the soft 

clay criterion by Matlock (1 Even though the criterion is well established in the 

offshore oil and gas industry, issues regarding its su  to design monopiles have 

re

pressure m

response throughout the m

ing.  

 

The results of Su et al. (2014) highlight the need for centrifuge testing involving 

multidirectional cyclic loads on monopiles in clay so that the effects on both stiffness 

and accumulated deformations can be quantified and considered in design. However, 

since the gap in knowledge is large and little is known about the unidirectional cyclic 

behaviour of monopiles in clay, centrifuge testing involving unidirectional cyclic 

loads on m

en ifuge 

b

centrifuge testing on monopiles in clay should be carried out to provide the data 

necessary to further improve the model so that it may one day be applicable for 

monopile design. 

 

2
Monopiles are expected to be heavily utilised as the foundations for future offshore 

wind turbines. Since most of the planned offshore wind fa

n

founded in overconsolidated clays. Monopiles have to be designed to resist large 

overturning moments from both wind and wave forces and to maintain its stiffness 

over its design lifetime to prevent resonance with the driving frequencies of the 

turbine. Monopiles are designed utilis

a

V (2014) ind andard to construct p-y

970). 

ita litybi
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been raised. These issues i he suitability of th  curves derived from field 

tests on long flexible piles to design short rigid monopiles, the estimation of the initial 

pile-soil stiffness, and th s of the p-y curves for cyclic loading design.  

 

A review of literature h  that research on monopiles in sand has been 

carried ratory 

sts, and centrifuge testing. However, research on monopiles in overconsolidated 

2. To better understand the lateral behaviour of monopile foundations under 

monotonic loads. 

3. To obtain centrifugal data on the performance of monopile foundations 

under axial and lateral loading, including a large number of cycles of 

lateral and moment loading. 

curves to design 

 

shortcomings of the p-y curves for cyclic design. 

 monopiles when subjected to 

nclude t e p-y

e shortcoming

as indicated

 out by various researchers that involve 3-D F.E. modelling, model labo

te

clays is severely lacking. Considering the limitations of the p-y curves to design large 

diameter monopiles and to account for long-term cyclic loading effects, the lack of 

research in evaluating the cyclic load effects of monopiles in clay, and the importance 

of modelling the prototype stresses and strains in physical testing, this research 

project aims to model, both experimentally and analytically, the behaviour of 

monopile wind turbine foundations subjected to cyclic loading. The objectives are: 

 

1. To correctly model the nonlinear stress-strain behaviour of soil by 

conducting centrifuge model tests on monopile. 

4. To confirm the suitability of the Matlock (1970) p-y 

monopiles and develop recommendations for improvement. 

5. To develop design suggestions and recommendations that addresses the

6. To understand the long-term performance of

a large number of loading cycles of different characteristics. 

7. To evaluate the validity and applicability of published research results by 

comparing with centrifugal data. 

8. To optimise and improve current design of monopiles in UK by 

developing appropriate design guidelines. 
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CHAPTER 3 

 

3. METHODOLOGY 
 

3.1 Introduction 
This chapter provides a description of how the research programme was designed and 

carried out to address the research objectives of section 2.8. Sections 3.2 and 3.3 

cover the research approach, the basis behind the selection of centrifuge modelling to 

achieve the project objectives, and the principles behind centrifuge modelling. Section 

3.4 describes the centrifuge facilities at the University of Cambridge while section 3.5 

describ g the 

struments utilised in the experiments. The model preparation and experimental 

u  in section 3.7 while section 3.8 describes the triaxial testing 

al validation of published 

search results. Full-scale physical validation is unfeasible due to the extreme cost 

and physical difficultie e sizes of the monopiles and 

the harsh enviro ffshore. a result, small-scale model testing is 

the most feasible physical approach to e ntally and analytically study the 

cyclic behaviou . 

 

o better replicate the soil-pile interaction and generation of pore pressure when the 

es the experimental programme. Section 3.6 provides details regardin

in

proced re is provided

equipment and procedure carried out as part of the experimental programme. 

 

3.2 Research Approach 
As mentioned in chapter 2, there is a lack of research in evaluating the effects of 

cyclic loads on monopiles in clay and a lack of physic

re

s resulting from both the extrem

nmental conditions o As 

xperime

r of monopiles in clay

T

monopile is laterally loaded, it is crucial that the non-linear stress-strain behaviour of 

soil be correctly replicated by the model. Figure 3.1 adapted from Madabhushi (2014) 

illustrates the difference in soil behaviour at low and high confining stresses for both 

dense and loose sand. The stress-strain curve of dense sand reaches a peak stress, after 

which the dense sand will experience strain softening before reaching critical state at 

large strains. The stress-strain curve is smooth until it reaches critical state at large 
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strains. At low stresses and strains, the initial stiffness for both dense and loose sand 

is high. At large stresses and strains, the stiffness reduces. At very large stresses and 

strains close to critical state, the stiffness drops considerably to small values.  

a small fraction of the stresses exerted by 

Ns’ times bigger. As a result, the soil will respond with large stiffness and 

ent will be small. However, the large 

s for the same soil, resulting in the soil 

aviour of 

the pe will produce esu th   

utilised to crea pe stresses and strains in the small-scale model. 

 

3.3 Principles of Centrifuge Modelling 
According to Madabhushi (2014), centrifuge modelling invo the testing  1/Ns 

scale model o hanced gravity field of a technical ce ifuge. 

The gravity is increased by the same geometrical factor ‘Ns’ e to earth’ ravity 

field of 1 g. T mass M with 

imensions L x B x H on a horizontal soil bed exerts vertical stresses as follows: 

 

Prototype 
behaviour at 
large stresses 

Model behaviour 
at small stresses 

Prototype behaviour 
at large 
when la

and strains 

stresses and 
rge strains 

are mobilised 

 
Figure 3.1   Soil Behaviour Difference between Model and Prototype (adapted from 

Madabhushi, 2014) 
 

A scaled down laboratory model only exerts 

a prototype ‘

the observed deformation such as settlem

prototype structure will exert larger stresse

responding with a lower stiffness and in turn producing much larger deformations. 

Therefore, any form of model testing that fails to model the stress-strain beh

 prototy invalid r lts. To address is, centrifuge modelling was

te prototy

lves of a

f a prototype in an en  geo ntr

 relativ s g

his is illustrated in Figure 3.2. A block structure of 

d

 

BL
gM

v ×
=σ  (3.1)
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Similarly, the vertical strain induced in the soil for a characteristic length α as: 

 

α
δαε =  (3.2)

 

 
Figure 3.2 rincipl  Centrifuge Modelling (adapted from Madabhushi, 2014)    P e of

 

In a scale model of the block, all dimensions are scaled down by a factor of Ns as 

shown in Figure 3.2. As all dimensions are scaled by a factor of Ns, the mass of the 

scaled down block will be M / Ns
3. When the scale model of the block is placed in an 

increased gravity field of Ns x earth’s gravity, the vertical stress underneath the scale 

model of the block changes as follows: 

 

BL
gM

N
B

N
L

gN
N
M

ss

s
s

v ×
=

×

×
=

3

σ  (3.3)

 

As a result, the vertical stress below the scale model of the block is the same as that 

below the larger block of equation (3.1). Similarly, the strains in the scale model in 

the increased gravity field are: 

 

α
δα

α

δα
ε ==

s

s

N

N  (3.4)
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Therefore, the prototype strain of Equation (3.2) is modelled accurately as changes in 

displacements and the original length are both scaled by Ns. 

 

The two-way relationships between the parameters of the centrifuge prototype and the 

centrifuge model are defined by scaling laws. These laws were derived from the 

dimensional analysis by Schofield (1980) and Schofield (1981). The relevant laws for 

this research are given in Table 3.1.   

 

Parameters Model / Prototype 
Mass 1/Ns

3 
Length 1/ Ns 
Stress 1 
Strain 1 
Force 1/ N  2 s

Bending moment 1/ N  3 s
Soil reaction 1/ Ns 

Time (consolidation) 1/ Ns
 2 

Time (dynamic) 1/ Ns 
Frequency Ns 

Table 3.1   Scaling Laws relevant to Centrifuge Modelling of Monopile 

 

In centrifuge modelling, while the prototype is scaled down, the soil is not. This is 

because the soil is considered as a continuum and changing the soil medium would 

change its constitutive behaviour. Should the effect to be analysed approach the soil 

particle size, the continuum approach breaks down and destroys the validity of 

centrifuge modelling. In the centrifuge experiments carried out by Ovesen (1979), 

deviations were observed from common results when the foundation diameter to grain 

size ratio was less than about 15. Considering that clay has particle sizes less than 

, e ratio is well above 15. Therefore, the 

 

 

2 µm the foundation diameter to grain siz

continuum approach holds true and renders particle size effects negligible. 
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3.4
Thi e s the centrifuge facilities of the University of Cambridge that 

were utilised to research th

 

3.4.1

To o xperienced by the prototype, the gravity 

wn model had to be increased by a factor of Ns. This was 

0 times 

of earth’s gravity. Therefore, it is classified as a 150 g-ton machine. According to 

Madabhushi (2014), the centrifuge is “powered by a 260-kW, three-phase electric 

motor that is coupled to the beam centrifuge through a magnetic coupling and a

bevelled gear box that drives a vertical shaft passing through the centre of

Adjustment of the field strength on the magnetic coupling enables th

controlled. 

 

achieved by the usage of the Turner Beam Centrifuge as shown in Figure 3.3 that 

applied centrifugal acceleration to create an ‘Ns x g’ environment. The design of the 

beam centrifuge and a full description of the facility can be found in Schofield (1980). 

The 10 m diameter centrifuge rotates around a central vertical axis with a working 

radius of 4.125 m. The payload capacity is 1 ton at an operational g level of 15

 

 the beam”. 

e speed to be 

 
) 

). Table 3.2 

Figure 3.3   Turner Beam Centrifuge at Cambridge (Madabhushi, 2014

 

3.4.2 2D-Actuator 

To install the monopile foundation in-flight and subject it simultaneously to axial, 

cyclic lateral and moment loading, the computer-controlled two-axis servo actuator 

developed at the University of Cambridge was utilised. Further details regarding the 

design principles of the 2D-actuator can be found in Haigh et al. (2010

displays the performance specification of the 2D-actuator. 

 

field of the scaled do

s s ction explain

 Centrifuge Facilities at University of Cambridge 

pr duce the same stresses and strains e

 Turner Beam Centrifuge at Schofield Centre 

e lateral behaviour of monopiles in overconsolidated clay.  
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Axis X (horizontal) Y (vertical) 
Stroke (mm) 500 500 
Max Speed (mm/s) 5 5 
Min. Speed (mm/s) 0.005 0.005 
Accuracy (mm) ±0.005 ±0.005 
Load Capacity (N) ±10,000 ±10,0000 

Table 3.2   Performance Specification of 2D-Actuator (Haigh et al., 2010) 

 

The actuator has external dimensions of 880 mm length, 530 mm width and 1100 mm 

height. It has been designed to withstand 100g of centrifugal acceleration and can 

apply a maximum vertical and horizontal load of 10 kN. In a 100g centrifuge test, 

these forces represent 100 MN. The actuator can be either force controlled or 

displacement controlled. It can apply cyclic loads in both vertical and horizontal 

directions, enabling the application of many cycles of fixed force amplitude (or fixed 

displacement amplitude) in the horizontal direction, while applying a constant vertical 

load. The cyclic loads can also be applied at varying rates as the actuator has a 

minimum speed of 0.005 mm/s and a maximum speed of 5 mm/s. 

 

To achieve precise position control within a 100g gravity field, a stiff loading frame 

was manufactured with motion being achieved using ball screws turned by DC 

servomotors. Servomotors are controlled using NDrive HL servo amplifiers 

manufactured by Aerotech, which can be controlled with A3200 multi-ax otion 

control software. A/D converters integrated into the servo amplifiers enabled load-cell 

readings to be fed back into the system. This made it possible to implem

controlled cyclic load-control scheme to cyclically load the monopile. 

 

3.4.3 Data Acquisition 

Data acquisition on the Turner beam centrifuge was achieved by utilising the 

DasyLab (2004) software suite. The data acquisition card has 64 independent input 

channels, two analogue outputs and four digital outputs. All inputs and outputs are 

accessible using the Dasylab software suite. 

 

3.5 Experimental Programme 
Nine centrifuge tests were carried out to investigate the lateral behaviour of m

in clay and layered soils. A summary of these tests is provided in Table 3.3.  

is m

ent a force-

onopiles 



Phase Test 
number 

Test 
Nature 

Pile diameter 
(m) 

Vertical 
Load (MN) 

Site 
Specification

OWF 01 6.5  B 
OWF 02 6.5  A I 
OWF 03 

Monotonic
4.0  C 

OWF 04 4.0   C
OWF 05 6.5  B
OWF 06 6.1  A
OWF 07 6.0  D

II 

OWF 08 

3.83 

6.1 E 
III OWF 09 

Cyclic 

7.62 12.0  A
Table 3.3   Experimental Programme in Prototype Scale 

 

Displacement controlled monotonic tests were carried out in Phase I to provide the 

upper bound on ultimate lateral resistance and provided the correct backbone curve 

for lateral loading. In Phase II and III, load controlled cyclic tests were carried out on 

3.83 m and 7.62 m diameter monopiles to investigate the monopile’s cyclic behaviour. 

The tests were carried out using the 2D-actuator in an 850 mm diameter tub at 100g 

with the exception to OWF 04 that utilised a piezo-actuator that vibrated the pile at 

high frequencies. Data from OWF 04 was not considered as there were issues 

regarding the implementation of the piezo-actuator as a loading device. In addition, 

OWF 05 was not considered as issues due to the 2D-actuator undermined the integrity 

of the results. Therefore, OWF 04 and OWF 05 will not be discussed in the 

dissertation. 

 
Layer 1 Layer 2 Site 

Depth a 
(m) 

Consolidation 
Pressure (kPa)

Depth b 
(m) 

Consolidation 
Pressure (kPa) 

A 13.5 500 13.5 500 
B 13.5 300 13.5 300 
C 13.5 180 13.5 180 
D 5 180 22 500 
E 10 180 17 500 

Table 3.4   Site Specifications 
 
Five different site conditions used in the test series are categorised in Table 3.4. Sites 

A to C consist of layers of clay pre-consolidated to their respective overburden 

pressures whereas sites D and E consist of a top soft layer underlain by a stiffer layer. 

To achieve the desired undrained shear strength and to simulate over-consolidated 

clay conditions found at depth in the North Sea (Bond et al., 1997), the clay was pre-
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consol dated toi  behave as an over-consolidated clay in the centrifuge. As this project 

e 

entrifuge as in Table 3.4 are simplified forms of real site conditions obtained from 

Figure 3.4   Schematic of Experiment Setup, Not to Scale (a) Plan View of the 

le twice as large. Water at a height of 

pproximately 40 mm was provided above the clay surface to simulate oceanic 

was a collaboration with industry, these tests were developed following an initial 

meeting with industrial collaborators on 15th August 2007 and subsequent email and 

telephone conference exchanges. Following this meeting, borehole logs and other site 

information from several offshore sites including Gunfleet, Ormonde, Westermost 

Rought, Walney, Barrow along the coast of UK and Ireland and some onshore sites 

such as London Array were investigated. The soil strata that were tested in th

c

borehole logs and strength profiles. 

Seismic Cone 
Penetrometer Monopile 

Water 

               (a) 

Layer 2 

Layer 1 

Sand 

a
b

4 m
27 m

5 m

20 m

(b)  

850 mm Tub with Location of Monopile and CPT (b) Cross Section of Setup 
 

The embedded prototype depth and total length of the monopile were 20 m and 52 m 

respectively in all tests. Lateral loading was at a prototype height of 30 m above the 

mudline. Both vertical load magnitude and height of lateral loading are similar to the 

values expected by Byrne and Houlsby (2003) for a 3.5 MW turbine. The vertical load 

magnitude of OWF 09 was doubled to 12.0 MN as it was assumed that the vertical 

load could potentially double for a monopi

a

conditions in which the soil would be saturated throughout the experiment. As shown 

in Figure 3.4, the soil strength was measured using an in-flight miniature seismic cone 

penetrometer (henceforth referred to as SCPT), mounted on a separate gantry 

sufficiently far away from the monopile location so as not to influence the monopile 

behaviour. Prior to the development of the SCPT, a T-bar was utilised.  
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3.6 Experiment Instrumentation 
Figures 3.5 to 3.6 show the instrumentation plan and experimental setup. The 

quipment and instruments utilised are as follows and will be described in the 

sub

 

ucers rth referr PPTs) 

 as 

MEMS) 

ariable Differential Transformer (henceforth referred to as LVDT) 

F 01 was repeated twice as the first run of OWF 01 did not involve 

e

sequent sections: 

• Pore pressure transd  (hencefo ed to as 

• Lasers and microelectromechanical accelerometers (henceforth referred to

• Linearly V

• T-bar 

• Seismic Cone Penetrometer (referred to as SCPT)  

• Strain-gauged monopile 

• Vertical-Horizontal Load Cell (henceforth referred to as V-H Load Cell) 

• Web Cameras 

  

Experiment OW

use of a counterweight system. As a result, the pile sank into the soil as the total 

vertical load exceeded the pile’s vertical capacity. In the first run of OWF 01, the T-

bar was utilised but in the second run of OWF 01 that involved use of the 

counterweight, the SCPT was utilised to measure undrained shear strength, su. 
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Figure 3.5   (a) Instrumentation Plan (b) Experimental Setup for Experim F 01 (First Run with No Counterweight) to OWF 03 

 

ents OW
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Figure 3.6   (a) I tation Pl  05 to 09 

 

an (b) SCPT Setup for Experiments OWF 01 (Second Run) and OWFnstrumen

 



3.6.1 PPTs  

As shown in Figures 3.5 to 3.6 (a), five PPTs were installed in the model to measure 

rapidly varying positive and negative pore pressures. Four PPTs were installed half-a-

pile diameter away from the monopile to measure excess pore pressure generation 

during lateral loading of the monopile. The PPTs also serve to gauge the percentage of 

consolidation during the experiment by measuring the dissipation of excess pore 

pressure. The PPTs used in the experiment are 7-bar GE Druck miniature PDCR-81. 

 

Ceramic stones were fitted in front of the diaphragm for protection from clay particles. 

Prior to installation, the PPTs were de-aired and submerged under highly pressurised 

de-aired water  80% of the PPT capacity), multiple times in a pre-

p  

nsured quick response of the PPT to pore pressure changes and ensured accuracy of 

, (at pressure of

ressurisation apparatus to ensure complete saturation of the ceramic stones. This

e

the pore pressure readings as pressure hysteresis is avoided (Take and Bolton, 2003).  

 

3.6.2 Lasers and MEMS Accelerometers 

 

 
Figure 3.7   Laser and MEMS behind Monopile 

As shown in Figures 3.5 to Figure 3.6 (a) and Figure 3.7, Baumer close-range dis

 were placed behind the monopile at 

ve the soil surface to measure both horizontal displacement 

both laser sensors and MEMs and the assum

 

tance 

sensor lasers and Analog Devices MEMS

separate elevations abo

and rotation of the monopile (by measuring g-field inclination) respectively. Utilising 

ption that the bending is negligible, the 
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r t rmined. Flat reflective plates were glued to 

reducing error

EMs utilised 

Distance (mm) (mm) 
earity Error 

(mm) 

otation poin of the monopile can be dete

the back of the monopile with Araldite to ensure that the laser light hits a flat surface, 

 in the displacement readings. 

 

Details of the lasers utilised in experiments are given in Table 3.5. The M

in the experiments are the ADXL193 and ADXL78 MEMs with a capacity of 120g 

and 35g respectively. Both MEMs have a non-linearity of 0.2%. In the cyclic 

experiments, the ADXL78 MEM was predominantly used due to its greater sensitivity 

relative to the ADXL193. To improve its sensitivity to detect small accumulated 

rotations, the voltage of the ADXL78 MEM (with a 35g capacity) was offset to zero 

and amplified with a gain of 10. 

 

Distance Sensor Code Measuring Resolution Lin

OADM 1216430/S35A 16 – 26 0.002 – 0.005 ± 0.006 to ± 0.015 
OADM 2014440/S14C 30 – 50 < 0.01 ± 0.03 
OADM 2014460/S14C 30 – 130 0.05 – 0.07 ± 0.15 to ± 0.22 

Table 3.5   Details of Distance Sensor Lasers Utilised 

 

3.6.3 LVDT 

The Solartron M922943A 241-18 DC 25 LVDT (with a maximum stroke length of 

35 mm) was utilised to monitor the degree of consolidation of the clay during spin-up 

and to estimate the soil surface elevation at pushover. The LVDT was placed behind 

the laser platform as shown in Figures 3.5 to Figure 3.6 (a) and connected to a 4 mm 

diameter 1 mm thick plate to minimise pressure exerted on the soil during spin-up.  

 

3.6.4 T-bar 

The T-bar is a bar penetrometer that was used in experiments OWF 01 (first run) to 

OWF 03 to measure a continuous profile of su in the centrifuge as shown in Figure 3.8. 

When pushed into the soil, the penetration resistance is measured by a highly sensitive 

load cell situated immediately behind the bar. The penetration resistance is interpreted 

by making use of the plasticity solution for the limiting pressure acting on the cylinder 

moving laterally through cohesive soil (Randolph and Houlsby, 1984).  
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(a)          (b) 

 
(c)  

Figure 3.8   T-bar (a) Column Section (b) Cylindrical Section (c) Fully Assembled 

 

The analysis assumes that the soil is able to flow around the cylinder from the front to 

the back without forming a gap, leading to a very localised plastic mechanism (Chung 

nd Randolph, 2004). Based on the plasticity solution, su can be calculated utilising a

the following equation,  

 

dN
Ps

b
u =  (3.5)

 

where,  
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P Force per unit length acting on the cylinder 

d Diameter of the cylinder 

Nb Bar factor with a value of 10.5 (Stewart and Randolph, 1991) 

 

As shown in Figure 3.8(a), the strain-gauged section has a wall thickness of 0.5 mm to 

ensure the device was sensitive enough to detect strains resulting from a push-in into 

clay with an su of 25 kPa. In addition, the tube shaft was designed to resist buckling 

when tested in clays of 100 kPa strength. The cylindrical section was designed to have 

a length to diameter ratio (also known as the aspect ratio) of 4.75 as shown in Figure 

3.8(b). Chung and Randolph (2004) studied the difference in measured resistance on 

T-bars with different aspect ratios and determined that the aspect ratio did not have an 

obvious effect on T-bar resistance, at least for aspect ratios from 4 to 10. Since Chung 

and Randolph (2004) concluded that T-bars with aspect ratios ranging from 4 to 8 

would be suitable, the measured T-bar resistance should not be affected by aspect 

ratio effects. 

 

3.6.5 Seismic Cone Penetrometer 

An SCPT was developed to measure undrained shear strength profile, su and small 

strain shear modulus, Go of the soil simultaneously. However, the stiffness measuring 

feature of the SCPT was not utilised in the experiments. As shown in Figure 3.9(a), 

the SCPT was designed as a compression cone (Brouwer, 2007) to prevent strain 

resulting from cone compression and sleeve tension from influencing each other, 

resulting in greater accuracy of strain measurements. Strains on both cone and sleeve 

were measured by TML FCA-1-23 strain gauges that were arranged in a full 

Wheatstone bridge  perature compensation. Two Analog 

h  full 

assembly of the SCPT is depicted in Figure 3.9(b). 

 

The ceramic stone made out of Macor glass ceramic prevented clay particles from 

entering the PPT chamber. The PPT utilised is an Entran EPB C12-7B pressure 

transducer with a 7 bar capacity. The ceramic stone (i.e. the filter) and the PPT are 

placed behind the cone because (Lunne et al 1997) 

 

• The filter is much less prone to damage and wear; 

with consideration of tem

Devices ADXL 001 MEMS were utilised as geop one MEMs in the SCPT. The
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• Measurements are less influenced by element compressibility; 

• Pore pressures measured can be used directly to correct cone resistance; and 

• Measured pore pressures during a dissipation test are less influenced by 

procedure. 

  

 

• Measurements are less influenced by element compressibility; 

• Pore pressures measured can be used directly to correct cone resistance; and 

• Measured pore pressures during a dissipation test are less influenced by 

procedure. 
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and Randolph (1991) of 3 mm/s into normally consolidated clay. The undrained shear 

strength, su was calculated by utilising a modification of the total cone resistance 

method (Lunne et al., 1997) that corrects cone resistance for pore pressure effects as 

follows: 

 

kt

vot
u N

qs σ−
=  (3.6)

 

where, 

qt  Corrected total cone resistance; in which qt = qc + u2 (1 - a), where  

qc is cone resistance, u2 is pore pressure acting behind the cone, and a 

is cone area ratio 

σvo  Total in-situ vertical stress 

Nkt Cone Factor; with a Plasticity Index of 31 (Clegg, 1981), a cone factor 

of 12 was calculated from the correlation by Aas et al. (1986). 

 

3.6.6 Strain-gauged Monopile, V-H Load Cell, and Pile Assembly 

The monopile utilised in experiments OWF 01 to OWF 08 is a 38.3 mm diameter 

aluminium tube with a wall thickness of approximately 1.67 mm. In prototype scale, 

the bending stiffness, EpIp is 222.4 GN m2. As shown in Figure 3.10(a), a 10 mm hole 

is drilled 20 mm below the top of the tube. A steel pin is placed through the hole and 

acts as a hinged connection where horizontal load is applied to the monopile. The 

bending strain of the monopile is registered by twelve TML Tokyo Sokki Kenkyujo 

Co., Ltd. (henceforth referred to as TML) FLA-2-350-2H-23 strain gauges arranged in 

full bending moment bridges so as to be temperature compensated.  

 
Recesses in Section A-A of Figure 3.10(c) were made on both sides of the monopile 

to protect the strain gauges from damage resulting from exposure to downward drag 

forces from the surrounding clay. Recesses as shown in Section D-D of Figure 3.10(d) 

were also made around the monopile to allow placement of the wires. Section C-C is 

the cross section of the vertical recess (as in Figure 3.10(a)) allowing placement of the 

wires to the top of the monopile. As shown in Figure 3.10(b), after installation of the 

strain gauges, ten thin layers of epoxy were applied onto the strain gauges and wires 

to provide protection s.  against both water and downward drag force
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                              (a) Design Drawing                           (b) Epoxy Coated 

 
(c) Monopile Strain-gauge Recess Cross-Section (units in mm) 

 
(d) Wire Recess ross- ion s in m

 

 C Sect (unit m) 
Figure 3.10   38.3 mm Diameter Monopile 

 

 86



In , a 76.2 mm diameter al  a wall thickness of 1  

was u ed as totype scale, the bending stiffnes pIp 

is 1, GN bending than the 38.3 mm di er 

monop , the 3 strain gauges were utilised. This was b

alterna e str vity produced a high heat output t id 

not p t tem xpe nt 

WF 05, the strain gauges on the 38.3 mm diameter monopile were damaged due to 

long the aluminium tube to allow separate placement of the 

train gauge wires. This was done to prevent damage to functional strain gauges when 

repair works were carried out on the damaged strain gauges. Dimensions o

cesses for the strain gauges and for the wires running up along the 76.2 mm tube are 

he pile head vertical and horizontal load condition in experiments OWF 01 to 

 that was placed directly above 

e hinged connection as can be seen in Figure 3.12. In experiments OWF 05 to 

OWF 09, a smaller yet more sensitive H load cell was utilised as this enabled the 2D

actuator to carry out force controlled loading for small load magnitudes with greater 

ccuracy. In Figure 3.12, a linear ball bearing and a vertical shaft are employed to 

the early stages of 

onsolidation as the soil would not have gained enough strength to support the vertical 

 above. The counter-weight system that consists of an adjustable mass 

OWF 09 uminium tube with .67 mm

tilis  shown in Figure 3.11(a). In pro s, E

901 m . Though 8.5 times stiffer in 2 amet

ile  same FLA-2-350-2H-2 ecause 

tiv ain gauges with greater sensiti hat d

ermi perature compensation under full bridge connections. After e rime

O

water leakage. As a result, a new waterproofing method (that involved placing TML 

W-1 microcrystalline wax solid onto the strain gauges and wires followed with ten 

thin layers of epoxy) was tested in OWF 09. 

 

Six recesses were cut a

s

f the 

re

shown in Figures 3.11(c) and Figure 3.11(d) respectively.  

 

T

OWF 03 was captured by a cylindrical V-H load cell

th

-

a

achieve a vertical slider connection, so that the loading mechanism could 

accommodate the vertical settlement of the pile during the push-over. Shoulder bolts 

were employed to support the monopile from sinking during 

c

load from and a 

pulley system maintained the vertical load condition. It should be noted that the 

counterweight system was not utilised in OWF 09 as the vertical load of the assembly 

excluding the counterweight system was equal to the desired vertical load condition. 
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                    (a) Design Drawing                                           (b)  Epoxy Coated 

 
(c) Strain-gauge Recess Cross-Section (units in mm) 

 

 
(d) W mm) 
Figure 3.11   76.2 mm Diameter Monopile 

 

ire Recess Cross-Section (units in 
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          (a)           (b)          (c) 

Figure 3.12   Top of Pile Assembly (a) General Assembly Schematic (b) OWF 02 and 
OWF 03 Assembly (c) OWF 05 to OWF 08 Assembly 

 

3.6.7 Web Cameras 

As shown in Figures 3.5 eras were utilised. Two 

ere placed in front of the actuator at separate elevations to allow visual monitoring 

on 3.5, nine experiments were carried out to investigate the 

teral behaviour of monopiles under both monotonic and cyclic loadings in different 

processes involved in carrying out each 

 to Figure 3.6, three Logitech web cam

w

and recording of the slider connection above the monopile and of the monopile at the 

soil surface. The remaining web camera was placed behind the monopile (i.e. with the 

laser platform) to monitor and record soil deformation during lateral loading of the 

monopile. Photos were taken every 30 minutes and videos were recorded during the 

installation and lateral loading phases of the centrifuge test.  

 

3.7 Model Preparation & Experimental Procedure 
As described in secti

la

overconsolidated clay profiles. The 

experiment can be categorised in the following order: soil preparation, installation of 

PPTs into the tub, model making and finally centrifuge testing. Each process will be 

discussed in the subsequent sections followed with the problems encountered in each 

experiment. 
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3.7.1 Soil Preparation 

To provide for drainage beneath the clay, a 50 mm thick base layer of Fraction B or 

ostun sand with a relative density of 70% was formed by mechanical vibration. 

he influence of seasonal moisture cycles on clay slopes. The properties 

f speswhite kaolin are shown in Table 3.6. Figure 3.13 summarises the sample 

preparation procedure. 

 

Figure 3.13   Sample Preparation Procedure 

 

H

Fraction B sand has a specific gravity, minimum void ratio, and maximum void ratio 

of 2.65, 0.52, and 0.79 respectively. It also has a diameter range from 0.6 mm to 

1.1 mm (Cabalar et al 2010). On the other hand, Hostun sand has a specific gravity, 

minimum void ratio, maximum void ratio of 2.65, 0.555, and 1.041. Particle sizes 

range from 0.2 mm to 0.6 mm (Mitrani, 2006). The clay that was selected to be used 

is laboratory grade speswhite kaolin, as used in previous studies at Cambridge such as 

Williamson (2014) who studied the tunnelling effects of bored piles in clay, Lam 

(2010) who studied ground movements due to excavation in clay, and Take (2003) 

who studied t

o
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The cla 120%) 

nder vacuum for at least two hours. Prior to the placement of the clay slurry, the 

 is preconsolidated to an appropriate stress 

vel to behave as overconsolidated clay in the centrifuge. Estimation of the 

preconsolidation stress is carried out util dified Cam-Clay model (Roscoe 

u  il  

critical state parameters suc , κ, λ, and swhite kao an vary 

quite sig ly.  wo ribe , v or Tab that

determined from th so nd xia ments carried out as part of 

th  research were used. De the ial e d ibe ion  

Specific gravity was obtained fr e su er,  

 

  Material Properties Clegg 
(1981)  

Airey 
(1984) 

Elmes 
(1985) 

Fannin 
(1986) 

Al-Tabba 
(1987) 

Phillips 
(1981) 

Smith 
(1993) 

y was first mixed with de-aired water to about twice the liquid limit (

u

inner surface of the test container was coated with silicone grease to minimise friction 

against the clay. Clay slurry was then carefully placed on the drainage layer, covered 

by a thin layer of filter material. The final height of the slurry was 630 mm. The tub 

was then placed in a computer-controlled hydraulic press to be consolidated 

incrementally in order to achieve the desired undrained shear strength. Layered 

models were created by consolidating the stiff base layer before adding further slurry 

and consolidating at a lower stress to form the softer surfacial deposit.  

 

To achieve the objective of studying the soil-pile interaction at the desired undrained 

shear strength and to simulate the overconsolidated clay conditions found at depth in 

the North Sea (Bond et al., 1997), the clay

le

ising the Mo

and B rland, 1968) based on critical

h as MCSL

 state so  mechanic

Γ for spe

s. Based on Table 3

lin clay c

.6, the 

nificant  In the rk desc d here alues rep ted in le 3.7  were 

e con l aidometer  tria l measure

is tails of triax  testing ar escr d in sect  3.8.

om th ppli IMERYS (2008).

PL Moisture content at 
plastic limit (%) 38 38 - - - 31 - 

LL Moisture content at 
liquid limit (%) 69 69 - - - 64 - 

Gs Specific gravity 2.61 2.61 2.61 - - - - 

cv 
Coefficient of 
consolidation (mm2/s) - - 0.5 - - - - 

MCSL 
Slo
pla

pe of csl in q'-p 
ne 0.9 - 0.82 

(comp) 0.88 0.90 (comp), 
0.68 (ext) - 0.80 

(comp) 

κ Slope of unload-
reload line 0.05 - 0.03 0.04 0.03-0.06 - 0.05 

Γ Intercept of csl at p' = 
1 kPa 3.44 - 2.87 3.51 3 - 3.34 

λ Slope of normal 
consolidation line 0.25 - 0.14 0.25 0.187 0.187 0.174 

Table 3.6   Published Properties of Speswhite Kaolin Clay  
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Symbol Material Properties Value 
Gs Specific Gravity 2.60 
PL Moisture content at Plastic Limit (%) 30 
LL Moisture content at Liquid Limit (%) 63 

MCSL Slope of critical state line in q'-p plane 0.90 
κ Slope of unload-reload line 0.039 
Γ Intercept of critical state line at p' = 1 kPa 3.31 
λ Slope of normal consolidation line 0.22 

NCL Intercept of isotropic consolidation line at p'=1 kPa (Modified Cam-clay) 3.49 

Table 3.7   Measured Properties of Speswhite Kaolin Clay 
 

The normalised soil parameter (NSP) concept, called “stress history and normalised 

soil engineering properties” (SHANSEP) can also be utilised to estimate the 

undrained shear strength profile of the soil (Ladd and Foott, 1974). According to 

SHANSEP, the undrained shear strength, su of overconsolidated clay can be 

determined as follows: 

 

m

NCv

u

OCv

u OCRss
⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
=⎟⎟

⎠

⎞
⎜⎜
⎝

⎛
'' σσ

 (3.7)

 

where m is a soil parameter defining the relationship between normalised su values at 

different OCR levels.  

 

According to Skempton’s correlation (1954, 1957) :   

 

PIs

NCv

u 37.011.0
'

+=⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
σ

 (3.8)

 

From Table 3.7, the plasticity index PI of the speswhite kaolin utilised is 0.33. This 

yields a (su/σ'v)NC of 0.23. Based on critical state soil mechanics (Schofield and Wroth, 

1968), Muir Wood (1990) showed that m should be calculated by 

 

λ
κλ −

=m  (3.9)

ll with the m 

 the λ and κ values of Clegg (1981), Elmes (1985), and Fannin 

le 3.6. Utilising these va rofile determined from 

 

Based on the values in Table 3.7, m = 0.82. This value compares we

values that result from

(1986) in Tab lues, the estimated su p
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the SHAN

the Modifi

SEP me om 

ed m

Cam-Clay met d

not included in Ta  bottom layers were expected to be similar 

 and A 

layers were precon e pressures of sites C and A respectively). 

thod was determined to be similar to the su profile estimated fr

Ca -Clay method as in Table 3.8 (with estimates from the Modified 

ho  being 11% larger than the SHANSEP estimates). Site D and E are 

ble 3.8 as the upper and

to sites C respectively at their applicable depths (as both upper and bottom 

solidated to the sam

 

 Estimated Undrained Shear Strength Profile Comparison 
Site Site A Site B Site C 

Depth 
(m) SHANSEP Modified 

Cam-Clay SHANSEP Modified 
Cam-Clay SHANSEP Modified 

Cam-Clay 
5 7 90.4  78.57 46.03 51.24 30.19 33.58 

10 8 00.6  89.67 51.71 58.5 34.55 38.33 
15 87.18 96.86 56.97 63.24 37.39 41.45 
20 92.46 102.66 60.43 67.00 39.67 43.93 

Table 3.8 o

 

3.7.2 PPT In

Upon reaching ha ded in 

80 kPa increm

ensure no we  

horizontally into t through 

 ope

the hole. To ensu it level was 

ollo

cavity behind the i loaded back to its 

riginal pressure. Once equilibrium was achieved the consolidation pressure was 

d pressure. Figure 3.14 displays the installation process.  

  C mparison between Undrained Shear Strength Profile Estimates 

stallation into Tub 

lf of the required consolidation pressure, the tub is unloa

ents to allow for installation of the PPTs into the tub. This was to 

ak spots existed behind the instruments. Long holes were drilled 

he clay to the required length using a hand auger and guide 

pre-drilled nings on the side wall. After drilling, the instruments were inserted into 

re both holes and instruments were horizontal, a spir

utilised. F wing insertion, unconsolidated clay slurry was injected to fill up the 

nstruments. After installation, the sample was 

o

increased to the final require

 

  
Figure 3.14   Installation of PPTs 
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3.7

A 

inc ed from the 

trim ed sufficient 

Fig

 

.3 Model Making 

few days before the centrifuge test week, the sample was unloaded in 80 kPa 

rements. Upon completion of unloading, the tub was remov

consolidometer and the piston was removed. Following removal, the clay surface was 

med until the clay surface was 80 mm below the tub top. This provid

clearance for the 40 mm high water to be poured above the clay surface as shown in 

ure 3.4. Figure 3.15 displays preparation of the clay.  

 
Figure 3.15   Preparation of the Clay 

r to installation of the actuator onto t

 

Prio he tub, the laser platform housing the lasers, 

installation of the actuator onto the tub, the monopile was rigidly connected to the 

dist ance of 35 mm. 

cam erformance of the 

system and the pile.   

 

3.7.4 Centrifuge Testing Procedure 

Balance calculations were carried out to determine the counter-weight of the package 

and the mass of the integrated package is weighed to ensure validity of balance 

calculations. Following that, the integrated package was transferred onto the 

centrifuge swing platform. This is fixed to the torsion-bar catches which permit the 

package to rotate into a fixed-end condition at a centrifuge acceleration of about 10g. 

Via the slip rings, water was slowly poured onto the clay surface to the required 

height for the centrifuge test to prevent an imbalance of mass on the centrifuge during 

a web camera, and the LVDT was installed beneath the actuator platform. Following 

actuator and pre-installed 160 mm into the centre position of the tub where the 

ance between the laser and the reflectors was at a minimum dist

The rigid connection was then replaced with the hinge connection. The remaining web 

eras were then mounted onto the actuator to observe the p
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spin-up. Once all instruments and equipment were checked to be working, the test was 

carried out. 

 

The centrifuge package was spun incrementally until a 100g centrifugal acceleration 

was achieved. Four hours later, after the soil has achieved 70% consolidation, the soil 

has gained sufficient strength to bear the vertical load of the monopile. The pile was 

then pushed an additional 40 mm vertically into the soil to achieve the required 

200 mm embedded depth. At this stage, the vertical load applied on the pile head was 

maintained at specific level by the adjustable counter-weight and the pulley system. 

After an additional four hours, the excess pore pressures resulting from the pile 

installation have dissipated and the soil reaches 90% consolidation level as shown in 

Figure 3.16.  
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Figure 3.16   Dissipation of Excess Pore Water Pressure 

 

Figure 3.17 shows the excess pore pressure isochrones under double drainage 

conditions. At this stage, the soil was characterised by utilising the T-bar or SCPT. 

Following soil characterisation, the monotonic or cyclic tests were carried out. Photos 

and manual readings were taken throughout the test to monitor changes in soil 

conditions throughout the test. Videos were taken during the pile installation and 

monotonic / cyclic phase of the test to observe changes at the soil surface. 
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Figure 3.17   Excess Pore Pressure Isochrones during Reconsolidation 

 

As highlighted earlier in Table 3.3, the experimental programme was divided into 

three phases. In Phase I, displacement controlled monotonic pushover tests were 

carried out on 3.83 m diameter monopiles whereas in Phase II, load controlled cyclic 

lateral loading tests were carried out on the same monopile

27 Base of Clay Layer 

. In Phase III, one load 

ontrolled cyclic lateral load experiment was carried out on a 7.62 m monopile. In the 

 Phase I, the pile head 300 mm above the soil surface was displaced 

c

monotonic tests of

80 mm followed by an additional 40 mm of movement (in OWF 01, the pile head was 

only displaced 80 mm) at velocities of 4 mm/s to 5 mm/s. Details of the cyclic tests in 

Phases II and III are shown in Table 3.9. In Phase II and III, the 3.83 m and 7.62 m 

monopiles were subjected to 1-way and 1.25-way cyclic loadings, followed by a 

monotonic push utilising the 2D-actuator. 

 

Experiment 
OWF 06 OWF 07 OWF 08 OWF 09 Stage Min, Max 

Load (N) 
Cycles Min, Max 

Load (N) 
Cycles Min, Max 

Load (N) 
Cycles Min, Max 

Load (N) 
Cycles 

1 0, 3 0, 3 0, 3 0, 6 
2 -3.2, 36 2, 32.5 1,000 0.2, 31.2 -1, 60 
3 -2.5, 79 

1,000 
-19.5, 56.5 3.6, 79 

1,000 
5, 150 

4 0, 100 100 -0.6, 100 500 10.6, 111 

1,000 

17.3, 223 
5 -30, 123 479 -30.6, 121 -65, 238 
6 14, 167.5 500 -12.5, 140 

500 
-86, 217 500 

7 
NA 

Monotonic Push 
Table 3.9   Cyclic Experiment Loading Details in Model Scale 
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LeBlanc (2010b) observed that “the most onerous loading condition was found to be 

between one way and two way loading” with 1.6-way loading causing more than 4 

mes the accumulated rotation of 1-way loading. Even though cyclic loads of 1.6-way 

 was carried out 

ad

 prototype cyclic loading conditions, the monopile has to be 

onopile in the centrifuge should ideally be loaded to at least 1 million cycles. In 

stem via 

Due to the technological limitations of the 2D-actuator, cyclic loading of the monopile 

n experiments O sentative of the 

ith low loading 

equencies and both time and physical constraints, it was not possible to load the pile 

to a million cycles. Therefore, the pile was cyclically loaded until no significant 

marginal displacement was observed; resulting in the number of cycles listed in Table 

ti

loading were planned, due to experimental error, 1.25-way loading

inste .  

 

To properly simulate the

cyclically loaded with representative prototype frequencies and number of cycles. As 

shown in Table 3.1, to properly simulate the prototype loading frequencies, the model 

monopile has to be cyclically loaded at Ns times the prototype frequency in the 

centrifuge. Since the model is 100 times smaller than the prototype, the model 

monopile has to be loaded at 100 times the prototype frequency in the centrifuge. 

With respect to Figure 2.5, this would translate to approximately 25 Hz and 80 Hz in 

the centrifuge for 1P and 3P prototype frequencies. Since monopiles are expected to 

experience over 150 million cycles over its design lifetime of 25 years, the model 

m

addition, it is ideal to measure the natural frequency of the foundation sy

impulse loading at appropriate intervals to determine how the natural frequency 

changes over cyclic loading. Efforts were made to achieve these conditions via 

utilisation of the piezo-actuator in OWF 04. However, due to the technical difficulties 

and limitations associated with the piezo-actuator, cyclic loading was carried out with 

the 2D-actuator subsequently. 

 

i WF 05 to OWF 09 was not completely repre

prototype loading conditions. To prevent the 2D-actuator from exceeding the 

specified load magnitude by failing to stop and reverse back to the datum load, the 

loading velocity was set at low velocities from 0.2 mm/s to 2.0 mm/s. As a result, 

quasi-static cyclic loads were applied onto the monopile, with low frequencies 

ranging from 0.14 Hz to 2.5 Hz. This translates to prototype frequencies that are many 

times below the prototype loading frequencies shown in Figure 2.5. W

fr
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3.9. With the usage of the 2D-actuator, it was also not possible to measure the natural 

frequency of the foundation as an impulse load could not be applied to the system. 

Due to the limitations, the results from OWF 06 to OWF 09 may be limited to the 

long-term behaviour of monopiles under storm loadings. 

 

3.7.5 Test Problems 

As with any centrifuge testing programme, problems are expected to take place. Table 

3.10 depicts the problems and issues that took place in each experiment. 

 
Experiment Problems and Issues 
OWF 01 
(first run) 

• PPT at location 1 (as shown in Figure 3.5(a)) failed during test. 
• V-H load cell was non-functional as wires disconnected during test. 
• T-bar strain gauge delaminated during push-in. 
• Pile sank into soil as vertical load of assembly was greater than 

pile’s vertical capacity. 
OWF 02 • Top laser reflector plate failed due to poor adhesion by epoxy. 

drive was replaced and encoder was cleaned due to 
lation. 

• 2D actuator 
dust accumu

OWF 03 • Plastic standpipe bent resulting in water level above soil-pile 
interface to be less than the planned 40 mm height. 

OWF 06 • 2D actuator software acted up resulting in actuator moving beyond 
specified load with a total displacement of 15 mm. As a result, 1.5 
way cyclic loading of -50,100 N and 1-way cyclic loading of 150 N 
was abandoned. 

OWF 07 • Mistake was made in laser platform setup. As a result, pile was 
installed slightly away from the tub centre, in close proximity to 
PPTs at locations 1 to 3 instead of half a pile diameter away. 

• Valve connecting jack-in-rig with SCPT could not be released in 
centrifuge under 100g as it was placed in the wrong orientation. 
During spindown, switch was left open causing SCPT to be pushed 
in. As a result, su  profile may not be accurate.  

• Pipe supplying water to tub kinked resulting in water level above 
soil-pile interface to be less than the planned 40 mm height. 

• 2D actuator control in lateral direction was switched to rotary due 
to position feedback error from encoder strip. 

• Due to a broken wire, monopile bending moment strain gauge 
readings at a prototype depth of 10.43 m were unavailable. 

OWF 08 • Mistake was made in laser platform setup. As a result, pile was 
installed further away from tub centre, in close proximity to PPTs 
at locations 1 to 3 instead of half a pile diameter away. 

OWF 09 • All monopile bending moment strain gauges failed due to water 
leakage. 

Table 3.10   Experimental Troubles and Issues 
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3.8 Triaxial Testing 
Triaxial undrained compression testing was carried out to investigate both material 

arameters and stress-strain behaviour of speswhite kaolin at different 

overconsolidation ratios (OCR). Measurements from the triaxial tests contribut

lues reported in Table 3.7 and the linking of OCR to mobilisation strain of 

2012). The assembly is described as follows (Lam, 2010):  

to compress the sample against a fixed load cell at the top of the cell. 

controller pumps can control pressure to an accuracy of 1 kPa and volume within 

ntial transformers (LVDTs) are mounted 

vertically on the sample for evaluation of small strain stiffness over a gauge length 

of 40 mm. The capacity of the device allows measurement accuracy of 0.0001 mm 

 P

ller pumps. 

p

ed to 

the va

Vardanega et al. (

 

1) A Bishop and Wesley type cell is utilised and is designed to withstand 17 bars of 

internal fluid pressure. Both base pedestal and top cap are 50 mm in diameter. The 

base pedestal is connected to a bottom drainage line that is connected to a pore 

pressure transducer and then to a back pressure / volume controller. The top cap is 

connected to another drainage line to facilitate the flushing process. 

2) A hydraulic piston located at the bottom of the cell helps push the sample upwards 

3) Three GDS pumps are set up to control cell volume / pressure, back volume / 

pressure and volume / pressure for the piston at the bottom of the cell. The GDS 

1 mm3. The pumps can be manually operated or controlled by the computer 

program. The integrated computer interface allows communication between the 

pumps, allowing different settings of load conditions at various stages of the test. 

4) De-aired water is used to fill the cell. 

5) Axial load is measured by the submersible load cell mounted on top of the top cap. 

The load cell has a capacity of 4 kN with a precision of 0.2 N. 

6) Two submersible linear variable differe

and a measurement range of 10 mm. 

7) An external LVDT measures the overall movement of the sample within a range 

of 50 mm. 

8) ore water pressure changes are measured with a pore pressure transducer at the 

bottom of the specimen. The transducer has a capacity of 34 bars. 

9) Junction boxes connect all the instruments to gather signals from load cells, 

external LVDT, two local LVDTs and GDS contro
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To obtain samples for testing, sharp edged thin walled copper tubes with an inner 

ample is encased by a rubber membrane that is held tightly to the porous stones by 

tal to flush air out of the system through 

the top drainage system. The back pressure is closely monitored in the process to 

ensure that the back pressure does not exceed the cell pressure to avoid swelling and 

separation of the rubber membrane. The flow is stopped when the air bubbles are 

flushed out. The sample is then ready for testing. The triaxial test is divided into four 

stages as follows: 

 

) Sat

During this stage, ater under high 

ressure to ensure that the sample is fully saturated for testing, as partial saturation 

diameter of 50 mm are pushed vertically into a block of pre-consolidated clay from 

the centrifuge test. The samples are 100 mm high and 50 mm in diameter. The ends of 

the sample are trimmed to the required height with a thin wire saw. The ends are also 

trimmed with care to form a flat and perfectly smooth surface to ensure vertical 

contact between the base pedestal and top cap. The dimensions and weight of the 

sample are measured using a digital vernier and a digital balance respectively. The 

sample is then pushed out from the tube using a plunger and placed onto the pedestal 

with a wet porous stone. Another wet porous stone is placed above the sample 

followed with the placement of the radial drainage filter paper strip. Both the porous 

stones and filter paper help facilitate the consolidation process. Following that, the 

s

the use of O-rings. If strain measurements are required, two submersible LVDTs will 

be mounted onto the specimen by glue and pins.  

 

Prior to testing, the air between the sample and the membrane has to be flushed out. 

To do so, a relatively low cell pressure of 10 kPa is kept in the cell. Then, a constant 

water flow is applied from the bottom pedes

1 uration 

 any remaining air in the system is dissolved into w

p

would affect the strength and stiffness of the sample. Throughout this stage, the cell 

pressure is 10 kPa greater than the back pressure to avoid separation of the membrane 

from the sample. The cell pressure is increased from an initial pressure of 10 kPa to 

370 kPa, whereas the back pressure is increased from 2 kPa to 360 kPa. The whole 

process is carried out in 12 hours to allow the pore pressure within the specimen time 

to equilibrate. 
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2) B-value check 

The B-value represents the degree of saturation of the sample. To check the B-value, 

the drainage taps connected to the sample are closed and the cell pressure is increased. 

Following the increase, the back pressure is measured. The B-value is the ratio of the 

hange in pore pressure to the change in cell pressure. If the sample is fully saturated, 

the increase in back pressure should be almost equal to the increase in cell pressure, 

leading to a B-value of 1. Normally, a B-value of 0.97 or above can be achieved easily 

with the current setup. 

 

3) Consolidation 

In this stage, the back pressure tap is opened. The back pressure is set 200 kPa below 

the cell pressure and kept at a constant. The cell pressure is then increased to achieve 

the preconsolidation stress experienced by the soil model resulting in a normally 

consolidated sample. Each consolidation stage takes approximately 15 hours and by 

the To 

verconsolidate the sample, another consolidation stage is set up and the cell pressure 

 for undrained conditions, leading to deformation under constant 

olume. As a result, excess pore pressures are generated and these pressures are 

measured by the pore pressure transducer. Axial displacement is measured by the 

external LVDT and local submersible LVDTs attached to the sample. The axial load 

is measured using a submersible load cell and data is acquired at 3 second intervals. 

Following completion of the experiment, the sample is weighed and placed into the 

oven at 105 °C for 24 hours to determine the water content.  

 

 

 

 

c

 end of this stage, the back and cell volume have reached a constant. 

o

is decreased to achieve the required overconsolidation ratio.  

 

4) Compression 

In this stage, the cell pressure is kept constant while the axial load is increased until 

the sample experiences failure. The specimen is compressed at a rate of 0.02 mm/min 

which is roughly 1.2% of strain deformation per hour, similar to that experienced by 

the soil when horizontal pushover takes place. During this stage, all drainage taps are 

closed to provide

v

 101



CHAPTER 4 

 

4. MONOTONIC TESTS RESULTS 
 

4.1 Introduction 
This chapter presents the monotonic test results of OWF 01, OWF 02, and OWF 03 

and corresponding analyses that are related to the lateral monotonic behaviour of 

monopile in clay. The main objectives of these tests are not only to determine and 

characterise the monotonic behaviour of monopiles, but also to suggest 

recommendations that could help improve the current design methodology. Findings 

from the mo yclic tests. 

xperimental details of these tests can be found in section 3.5 that highlights the 

notonic tests will also contribute to the findings made in the c

E

experimental programme and section 3.7.4 that discusses the experimental procedure. 

 

4.2 Soil Strength Profile for Uniform Preconsolidated Soils 
The undrained shear strength, su of the soil was measured via various means that 

included the T-bar and the seismic cone penetrometer, SCPT as described in section 

3.7.4. Estimation of su was carried out based on the on the excess pore pressure 

distribution at 90% reconsolidation (as shown in Figure 3.17), the resulting OCR 

profile (as shown in Figure 4.1) and using the parameters in Table 3.7.  
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Figure 4.1   OCR Profile at 90% Reconsolidation 
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Based on the data from the triaxial tests of section 3.8, Vardanega et al. (2012) reports 

that m = 0.68 for speswhite kaolin. However, the measurements were compared to the 

estimates from SHANSEP utilising m = 0.82 and the Modified Cam-Clay method as 

shown in Figure 4.2. Explanation regarding the usage of m = 0.82 is provided in 

section 4.2.2. As shown in Figure 4.1, the clay is heavily over-consolidated at the 

surface and the OCR reduces with increasing depth.  

 

 
Figure 4.2   su Comparison for Uniform Pre-consolidated Soils 

 

4.2.1 T-bar Measurements 

As shown in Figure 4.2, T-bar measurements from OWF 01, OWF 02, and OWF 03 

were far lower than estimates from both SHANSEP and Modified Cam-Clay. In 

OWF 01, due to the decreasing readings with increasing depth, it is postulated that the 

strain gauges delaminated from the T-bar shaft; resulting in it not registering a further 

increase in strain and hence strength.  

r 50% lower than the estimates whereas 

 approximately 50% lower than the SHANSEP 

 

In OWF 02, the T-bar measurements were ove

in OWF 03, the measured profile was

estimates. As a result, an investigation was carried out to determine the factors that 

may have contributed to the low measurements. According to White et al. (2010) as 

shown in Figure 4.3(b), the soil flow around the T-bar is categorised into “shallow” 

and “deep” mechanisms in which the soil will either heave forming a gap behind the 
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T-bar or flow around the T-bar. To measure su accurately, the “deep” mechanism has 

to take place. 

 

 
Figure 4.3   Idealised Behaviour associated with Shallow and Deep T-bar Penetration 

(a) Variation in e Mechanisms  Bearing Factor Depth (b) Shallow and Deep Failur
(adapted from White et al., 2010) 

 

The bearing factor, NT, determines whether a shallow or deep failure mechanism takes 

place. It is defined as: 

 

u

bart
T s

qN −=  (4.1)

 

where qt-bar is the undrained penetration resistance of the T-bar. NT values at which the 

“deep” mechanism takes place is categorised as NT-deep whereas NT values that are 

lower in magnitude than NT-deep (where “shallow” mechanism takes place) is 

categorised as NT-shallow. Based on the plasticity limit analysis by both Randolph and 

Houlsby (1984) and Martin and Randolph (2006), the “deep” mechanism takes place 

at NT-deep values ranging from 9.14 for a fully smooth interface to 11.94 for a fully 

rough interface. Since T-bars in both centrifuge and field are neither fully smooth nor 

lly rough, an NT-deep value of 10.5 is usually adopted (Stewart and Randolph, 1991).  

diameter of the T-bar. As shown in Figure 4.3(a) that plots normalised T-bar depth 

fu

 

According to White et al. (2010), the depth at which the transition from shallow to 

deep failure mechanism takes place (i.e. when Nt ≈ Nt-deep) is affected by the 

dimensionless group su/γ´d , where γ´ is the effective unit weight of the soil and d is 

 104



below soil surface, w to T-bar diameter d, vs. Nt, the low su/γ´d curve reaches the deep 

failure mechanism at a shallower depth relative to the high su/γ´d. Based on the series 

of large deformation finite element (LDFE) analyses of the T-bar penetration process 

carried out by White et al. (2010), the depth at which deep failure takes place, wdeep, 

can be estimated by the following equation: 

 

63.046.0 )
'

(24.0)
'

(58.2 −+=
d

s
d

s
d

w uudeep

γγ
 (4.2)

 

Considering the estimated SHANSEP profile that suggests an average su of 

pproximately 35 kPa and 80 kPa for the 180 kPa and 500 kPa pre-consolidated soils 

respectively as in Figure 4.2, the γ´of 7.79 kN/m3 and d of 0.85 m in prototype scale, 

wdeep would be 4.79 m and 6.94 m for the 180 kPa and 500 kPa pre-consolidated soils 

respectively. Even though the calculation suggests that the T-bar should accurately 

measure su at depths greater than wdeep, the T-bar measurements relative to the SCPT 

measurements and the estimates suggests otherwise.  

 

It is also possible that the “shallow” flow mechanism took place at depths deeper than 

the estimates of equation (4.2), resulting in lower readings that were not 

representative of the actual su of the model. In excavations, zcr, the height of 

unsupported excavatio  of a water-filled trench is 2s /γ '. With an average su of 

approxi or test 

WF 03, the “shallow” flow mechanism may have contributed to the reduced su 

e the T-bar, resulting in low readings that were not 

presentative of the actual su. Figure 4.4 displays the soil surface at the T-bar after 

spin-down for both experiments OWF 03 and OWF 02. No gap is apparent for 

OWF 03 but a gap is apparent for OWF 02.  

a

n u

m z  ately 35 kPa for the 180 kPa pre-consolidated soils, cr is 9 m. F

O

measurements in the top 9 m. However, this fails to explain why the T-bar failed to 

measure su accurately for the bottom 11 m. Considering that the T-bar was designed 

according to Stewart and Randolph (1991) and Chung and Randolph (2004), it was 

concluded that the T-bar was not functioning properly in test OWF 03.  

 

zcr is 20.54 m for the 500 kPa pre-consolidated soil with an average su of 80 kPa. In 

test OWF 02, the “shallow” flow mechanism took place throughout the push-in, 

causing a gap to form abov

re
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        (a) OWF 03      (b) OWF 02 

Figure 4.4   Soil Surface at T-bar after Spin-down  

 

Based on the measurements and on the investigation, it was concluded that the T-bar 

as not suitable for the measurement of the strength of stiff soils with high undrained 

shear strengths and that the T-bar was not unctioning properly in test OWF 03. As 

the T-bar re SCPT was 

ence used for later experiments and the strength measured by it, with identical 

, utilisation of m = 0.68 would result in softer su profiles 

lative to the estimates from m = 0.82. For the 500 kPa preconsolidated soil, the 

w

f

sults were not representative of the true strength profile, an 

h

sample preparation were assumed to have also existed in tests OWF 01 – 03. 

 

4.2.2 SCPT Measurements 

Based on the regression fitted through the triaxial test data by Vardanega et al. (2012) 

as shown in Figure 4.5, the m value of speswhite kaolin for the SHANSEP estimation 

of su is 0.68.  

 

 
Figure 4.5   Fitting of Triaxial Test Data (adapted from Vardanega et al., 2012) 

 

As shown in Figure 4.6

re



m = 0.68 estimates are on average 40% lower compared to the m = 0.82 estim

espite the high coefficient of determination of the fitted regression in Figure 4.5 and 

 in analysis for 

arious reasons.  

ates. 

D

despite how well the m = 0.68 estimates appear to match the SCPT measurements of 

OWF 06 and the lower half of the SCPT measurements of OWF 04 and OWF 05, the 

SHANSEP su estimates resulting from m = 0.82 were selected for use

v

 

 
Figure 4.6   SHANSEP su Comparison for Different m Values 

 

The m values that result from the reported λ and κ values of Clegg (1981), Elmes 

), and Fannin (1986) in Table 3.6 of 0.80, 0.79, and 0.84 respectively, compare 

e of 0.76. 

he degree of confidence in the precise m value from the limited triaxial data of 18 

samples is thus not particularly high. A final reason for the assumption that m = 0.82 

is giv ngths 

ssociated with m = 0.68 are assumed, lateral resistances greater than the theoretical 

(1985

well with m = 0.82  determined here. A regression with  m = 0.82 is shown in Figure 

4.5 to fit the upper boundary of the triaxial data quite well from 1 ≤ OCR ≤ 5. The 

best fit slope obtained from Figure 4.5 is very sensitive to the strength obtained at 

OCR 1, as the regression is forced through the origin. It can be seen that in the data of 

Vardanega et al (2012), the two data points at ~ OCR 1 show significant divergence. 

Ignoring the data point with higher strength at OCR 1 results in an m valu

T

en by the monotonic pushover testing detailed in section 4.4.2. If stre

a
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upper-bound solution are required to explain the data. An assumption of m = 0.82 thus 

seems more justified. 

 

As shown in Figure 4.6, readings from OWF 06 and 09 were much lower than the 

m = 0.82 SHANSEP estimates. Investigations after experiment OWF 06 indicated that 

the waterproof silicone layer above the sleeve load cell was delaminating. Since the 

silicone layer was connected to the silicone layer above the cone load cell, it is 

possible that the cone load cell readings were affected by the pull resulting from the 

contact between the silicone layer and the sleeve casing during the push-in. 

 

Investigation after experiment OWF 09 did not reveal any physical problems 

ssociated with the SCPT and consolidation records indicated that the soil was 

properly overconsolidated to 500 kPa. However, review of experimental data 

indicated that the SCPT was pushed in at a lower velocity of 2.8 mm/s despite 

utilising the same valve and air pressure settings. Kim et al. (2008) normalises the 

penetration rate as follows: 

 

a

v

cone

c
vDV =  (4.3)

 

where, 

v  Pen

cone  Cone diameter of 12.70 mm 

ient of consolidation 

overconsolidated speswhite kaolin. Since the penetration rate is only slightly higher 

V  Dimensionless penetration rate 

etration rate 

D

cv  Coeffic

 

According to Kim et al. (2008), the transition from undrained to partially drained 

takes place at V values approximately equal to 10. Based on settlement records, the cv 

on the normal consolidation line is approximately 0.58 mm2/s. Based on the ratio 

between λ and κ of speswhite kaolin (values as given by Table 3.7), the cv on the 

unload-reload line is approximately 3.27 mm2/s. According to equation (4.3), a 

minimum penetration rate of 2.6 mm/s is required to induce an undrained response in 
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than the minimum, it is possible that the SCPT did not penetrate fast enough to induce 

a completely undrained response. 

 

4.3 Analysis of Bending Moments 
4.3.1 Calculation of Soil Reaction 

As discussed in section 3.6.6, twelve strain gauges arranged in full bending moment 

bridges were installed at six heights along the monopile to measure the bending 

strains. The heights selected ensured that the strain gauges would be beneath the soil 

surface upon installation of the monopile 20 m into the soil. As a result, it was 

 

as assumed to be zero. As a result, seven discrete data points were available for 

bending moment analysis. An example of this is shown in Figure 4.7. 

possible to measure the bending moments of the monopile within the soil strata during 

the monotonic pushover. Since no flexure occurred at the toe, the toe bending moment

w

 

 
Figure 4.7   OWF 03 Measured Bending Moment 

 

As shown by the beam bending equations in section 2.6 and the complete solution 

results of Figure 2.12, the lateral behaviour of the monopile can be evaluated through 

double-differentiation and double-integration of the bending moment curves. Double-

differentiation of the bending moment curve results in soil reaction curves that depict 

the lateral earth pressures acting on the pile whereas double-integration of the bending 

moment curves divided by the pile bending stiffness (EpIp) accompanied with the use 

of two displacement boundary conditions would result in pile displacement curves 

that depict the pile-soil stiffness relative to displacement. However, this is only 

possible provided there is sufficient data to construct an accurate and representative 
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bending moment curve. Since there were only seven discrete data points available to 

construct the bending moment curve across the 20 m embedded depth, an appropriate 

terpolating function that generated artificial points between the seven data points 

opile, the shape-preserving interpolant was deemed to be 

nsuitable for analysis. 

in

had to be selected.  

 

Interpolation of the bending moment data was carried out in MATLAB (Mathworks, 

1984). Multiple fitting functions were available in MATLAB including the cubic 

spline interpolant, the shape-preserving cubic interpolant (piecewise cubic Hermite 

interpolation), and polynomial fittings ranging from linear fits to 10th degree 

polynomials. As shown in Figure 4.8(a), the bending moment curves resulting from 

the cubic spline, the shape-preserving interpolant, and the 5th-order polynomial fit are 

similar to each other and match the general shape of the measured bending moment 

curve. However, the double-differentiated soil reaction curves as shown in Figure 

4.8(b) are different from each other, especially the soil reaction curve resulting from 

the shape-preserving interpolant that appears to be greatly distorted. This is due to the 

differing nature of the fitting functions. Since it is not physically possible for the soil 

reaction curve to have sharp linear discontinuities that vary significantly in magnitude 

throughout the mon

u

 

   
         (a) Bending Moment             (b) Soil Reaction 

igure 4.8   Comparison of Results from MATLAB Fitting Functions 
 

Double-differentiation of the high order polynomial fitting produced a smooth soil 

reaction curve whereas double-differentiation of the spline fitted bending moment 

F
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al. (2014) and as shown in the 

example of Figure 4.8(b), despite being similar in shape to each other, the polynomial 

fittings produced elevated soil reaction values at the pile toe and mudline. As a result, 

the cubic spline was determined to be the most appropriate fitting function to be 

utilised for further analysis.  

 

4.3.2 Estimation of Rotation Depth 

Review of the soil reaction curves showed a single zero soil reaction point throughout 

the monotonic pushover, indicating that the monopile rotated at depth. An example of 

this can be seen in Figure 4.8(b) which shows the monopile experiencing soil 

reactions of opposite signs above and below the zero soil reaction point. Utilising the 

point of zero soil reaction from the derived soil reaction curves, the rotation depth, drot 

throughout the three monotonic experiments was estimated, as shown in Figure 4.9. 

As shown in Figure 4.9, the rotation point is initially at a depth of 8 m. The rotation 

point then quickly drops to depth of 14.5 m, and proceeds to stabilise at 14 m (i.e. 

70% of the embedded depth). 

 

curve produced a soil reaction curve with sharp linear corners that was similar in 

shape to the polynomial fit. As mentioned in Lau et 

 
Figure 4.9   Rotation Depth from Point of Zero Soil Reaction 

 

Lateral pushover centrifuge tests carried out by Klinkvort and Hededal (2010) on 

variously sized monopiles in Fountainbleu sand and model static tests by Zhu et 

al. (2014) in sandy silt at different relative densities suggests that drot is at 80% of the 

embedded depth. Utilisation of these findings would result in a drot of 16 m below the 
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mudline rather than 14 m. The findings of Klinkvort and Hededal (2010) may be 

limited to monopiles in sand as the variation of strength in sand with depth is different 

from that of overconsolidated clay whereas the findings of Zhu et al. (2014) may not 

e representative as their model tests do not properly model the correct stress states. 

Finite element analysis by Haiderali et al. (2014) that simulated the monotonic tests 

indicate that the rotation point is at 75% of the embedded depth while finite element 

analysis by Abdel-Rahman and Achmus (2005) on a 7.5 m monopile in dense sand 

show that the rotation depth is approximately 73% of the embedded depth. These 

results are comparable to the experimental results of Figure 4.9. 

 

4.3.3 Calculation of Pile Displacement 

As mentioned earlier, pile displacement throughout the pushover can be calculated via 

ent curves divided by pile bending stiffness 

(EpIp) accompanied with the use of two displacement boundary conditions. This can 

be expressed as follows: 

 

b

double integration of the bending mom

cbxyy ++= int  (4.4)
 

where y is lateral pile displacement, yint is the pile displacement from double 

integration, and x is the depth along the pile. Both b and c are unknowns that have to 

e resolved through the use of two displacement boundary conditions. 

 

To ensure displacements were accurately estimated within the soil layer, it was 

necessary to select a displacement boundary condition that was within the soil strata.  

As mentioned in section 4.3.2, the single zero soil reaction point was utilised to 

estimate drot. Besides indicating drot, reference to Figure 2.12 shows that the zero soil 

reaction point is also the depth at which pile displacement is zero. Since the monopile 

rotated at depth throughout the monotonic pushover, drot at which zero pile 

displacement took place was utilised as a boundary condition. 

The second boundary condition that was selected was the laser displacement readings 

above the mudline. Readings were taken from the laser located 10 cm above the 

mudline as the laser was the closest in distance to the soil surface. This was done to 

improve the accuracy of the pile displacement estimated within the soil strata. Since 

b
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the second boundary condition was above the mudline, the bending moment above the 

mudline had to be estimated in absence of measurements above the soil surface. The 

oment above the mudline was estimated by assuming cantilever behaviour 

above the mudline.  

 

As shown in Figure 4.10, the bending moment was assumed to decrease linearly from 

the interpolated bending moment at the soil surface until zero bending moment at the 

point of load application 30 m above the mudline. This approach is valid as there is 

zero flexure at the point of load application. In addition, the top bending strain gauges 

are located approximately 0.3 m in prototype scale below the mudline, ensuring that 

the moment at the mudline was accurately estimated from the spline fitting. 

Figure 4.10   Linear Extrapolation of Bending Moment above Soil Surface 

 

After resolving b and c through the utilisation of the boundary conditions, estimation 

of the pile displacement above and below the mudline was possible. An example of 

the calculated pile displacement curves is shown in Figure 4.11 for test OWF 03. At 

agnitude lateral loads of 0.4 MN and 0.8 MN, the monopile rotates at the 

rotation point yet at the same time flexes. This is in line with the expectation made in 

section 2.7.1 where the monopile was expected to exhibit both rigid and flexible pile 

behaviour. However, with increasing load magnitude, the flexure of the monopile 

reduces relative to the magnitude of rotation. Upon reaching 1.6 MN lateral load, the 

bending m

 

Measured 

Bending 

Linearly 

Extrapolated 

Bending 
30 m 

 

low m

monopile behaves much closer to a short, rigid pile without significant flexure. Since 
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the monopile rotates without flexing significantly, an undesirable toe-kick will be 

developed (DNV and Risø National Laboratory, 2002). 

 

    
          (a) Above and Below Soil Surface        (b) Below Soil Surface 

Figure 4.11   OWF 03 Pile Displacement Curves 

 

4.4 p-y Curves 
With both soil reactions and pile displacements calculated from the double-

differentiation and double integration of the bending moment curves, construction of 

the experimental p-y curves at depths along the monopile was carried out. Section 

4.4.1 discusses the comparison between the experimental and DNV design p-y curves 

hile section 4.4.2 discusses the comparison between the experimental and DNV 

estimated load-displacement behaviour. Section 4.4.3 discusses the characterisation of 

the experimental p-y curves. Section 4.4.4 discusses how the experimental p-y curves 

compare with other criteria suggested by other researchers. Finally, recommendations 

for p-y curve construction for static loading are made in section 4.4.5. 

 

4.4.1 Comparison between Experimental and DNV Design p-y Curves 

Utilising the calculated soil reactions and pile displacements from the bending 

oment curves, the experimental p-y curves along the monopile depth were 

constructed. The experimental curves were then compared to the DNV design p-y 

curves. The DNV p-y curves were constructed utilising equations (2.11) and (2.12) for 

static loading of section 2.6.1.  

w

m
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The reference deflection, εc was determined from Vardanega et al. (2012) using the 

following equation that was derived from the triaxial tests as described in section 3.8. 

 

395.2)(log68.0)(log 10210 −== OCRMγ  (4.5)
 

where  

γM=2 = 1.5εc  Shear strain at half strength 

OCR    over-consolidation ratio 

 

The OCR utilised to estimate εc was determined from the 90% pore pressure 

dissipation OCR profile of Figure 4.1 to estimate su. As the triaxial tests reported in 

ardanega et al. (2012) were not carried out beyond an OCR of 20, the OCR at 

shallow depths where OCR ≥ 20 was capped to 20. 

 

Comparison between the experimental and DNV design p-y curves was carried out by 

normalising the soil reaction by suD and by normalising displacement by D. This can 

be seen in Figures 4.12 to 4.14 for the three monotonic tests. The figures have been 

revised from Lau et al. (2014) as the su has been revised from the SCPT readings to 

the m = 0.82 SHANSEP estimates (with the biggest change to observations applicable 

o OWF 02). According to Matlock (1970) and the DNV (2014), the value of J 

utilised to calculate the 3su component of ultimate soil reaction, pu in equation (2.11) 

varies from 0.25 to 0.50. 0.50 is recommended for soft normally consolidated clay 

(DNV, 2014) whereas Matlock (1970) observed that a value of 0.25 fitted his data 

from Lake Austin for heavily overconsolidated stiff, fissured clays subjected to 

desiccation. Considering that the soil was heavily overconsolidated, comparisons were 

also made with the DNV design curves calculated with J of 0.25. 

 

As seen in Figures 4.12 to 4.14, the experimental curves from 4 m to 16 m display a 

tiffer response than the suggestions made by the DNV, quickly mobilising soil 

reactions ranging from 2p/suD to 4p/suD. The p-y curves above 4 m are not shown as 

the curves were not well defined due to errors introduced by fitting. This was also the 

case for the curves at 14 m depth as it was close to the rotation point where 

V

t

s

displacements were small. The pile toe displays a very stiff response and mobilises 



 116

soil reactions far greater than the maximum 9suD at displacements greater than 

0.02 y/D (except for OWF 02 which mobilises 9suD). This is most likely due to the 

shear force acting on the base of the pile that results from the “toe-kick” at the pile toe, 

ontributing additional resistance in excess of that estimated by the DNV. The 

OWF 01 pile toe curve seems extremely stiff in comparison to OWF 02 and OWF 03. 

This is possibly due to errors introduced by the spline fitting. A review of the pile toe 

curves indicate that the ultimate reaction is achieved at large displacements of 

approximately 0.2 y/D. This suggests that the shear force is fully mobilised only at 

large displacements. 

 

As the pushover continues, the p-y curves eventually soften and come closer to the 

es. However, with respect to Figure 4.1 and Figures 4.12 to 4.14, the 

experimental p-y curves at depths where OCR ≥ 4  show greater softening and 

approach the J = 0.25 design curves. This suggests that the ultimate soil reaction 

criteria by Matlock (1970) captures the reduced resistance in heavily overconsolidated 

soil fairly well. The stiffness of the experimental p-y curves at the 12 m and 16 m 

depths reduces with the m ximum mobilised soil reaction reaching 59% to 67% of the 

maximum suggested by the DNV. This is most likely due to the close proximity of 

these depths to the rotation point. 

 

xperiment OWF 01 and 02, the transition 

depth XR (below which the value of (3su+γ'X)D+JsuX exceeds 9suD ) for the DNV p-y 

curves was calculated to be below the base of the pile. Figure 4.12 shows that XR was 

located at the base of the pile in experiment OWF 03 for J = 0.5. These results are 

consistently much deeper compared to Randolph and Houlsby (1984) who suggests 

that XR is located at a depth of about 3 pile diameters. 

c

design curv

a

As shown in Figures 4.13 and 4.14 for e



Depth 0.02 y/D 0.3 y/D 

  

4 m 
CR =(O  

7.4) 

  

6 m 
CR =(O  

4.8)  

  

8 m 
CR =(O  

3.5) 

10 m 
CR =(O  

2.8) 
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12 m 
(OCR = 

2.3) 

16 m 
(OCR = 

1.7) 

  

18 m 
(OCR =

1.5) 

  

 

20 m 
(OCR = 

1.3) 

  
Figure 4.12   Experimental vs. DNV Design p-y Curves of OWF 03 – 180 kPa Preconsolidated 
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Depth 0.02 y/D 0.3 y/D 

 

4 m 
(OCR = 

11.9) 

 

6 m 
(OCR = 

7.8) 

  

8 m 
(OCR = 

5.7) 

  

10 m 
(OCR = 

4.5) 
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12 m 
(OCR = 

3.7) 

16 m 
(OCR =

2.7) 

  

 

18 m 
(OCR = 

2.4) 

  

20 m 
(OCR =

2.1) 

 

 

 
Figu ed 

 

re 4.13   Experimental vs. DNV Design p-y Curves of OWF 01 – 300 kPa Preconsolidat
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Depth 0.02 y/D 0.3 y/D 

 

4 m 
(OCR =

19) 
 

 

6 m 
(OCR = 

12.4) 

  

8 m 
(OCR =

9.1) 

  

 

10 m 
(OCR =

7.2) 
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12 m 
(OCR = 

6.0) 

16 m 
(OCR = 

4.3) 

  

18 m 
(OCR = 

3.8) 

  

20.4 m
(OCR = 

3.3) 

  

 

Figu ted 

 

re 4.14   Experimental vs. DNV Design p-y Curves of OWF 02 – 500 kPa Preconsolida
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4.4.2 Experiment vs. DNV Design Load-Displacement Comparison 

To evaluate the monopile’s response under lateral loading using the DNV design p-y 

curves, the lateral pile response computer program LPILE (Reese and Van Impe, 2001) 

was utilised. The monopile was modelled to follow the experimental setup with the 

ection properties listed in Figure 4.15. The soil was divided into 10 equally spaced 

layers and th urves were manually i ogram. The 

ultimate soil reaction at depths with OCR ≥ 4 was calculated by utilising a J value of 

0.25 in equation (2.11) while a J value of 0.5 was utilised at depths where OCR < 4.  

 

 

s

e DNV design p-y c nputted in o the prt

 

Horizontal Force 

Diameter = 3.83 m 
 
Moment
 
Elasticity Modulus = 70 GPa 

 of Inertia = 3.396 m4 
30 m

20 m 

 

Figure 4.15   LPILE Analysis 

 

As shown in Figure 4.16, the soil surface bending moment (Msoil) should include the 

moment resulting from the horizontal force acting at the top (Fxh) of the pile and the 

moments resulting from the vertical forces (both self weight, Wpile  + counterweight 

force, Wc-w) as the displacement at the monopile top increases throughout the 

pushover. A plot of load cell force vs. moment at soil surface as shown in Figure 4.17 

indicates that there was little contribution from the vertical forces above the soil to the 

mo es 

having cancelled each other ou

Setup 

ment at the soil surface, moments from self weight and counterweight forc

t. 
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Figure 4.16   Free Body Diagram of Centrifuge Test 

 

 
Figure 4.17   Load Cell Force vs. Moment at Soil Surface 

 

As a result, all LPILE analysis of the monopile was carried out with a zero vertical 

load condition with the exception of test OWF 09 involving the 7.62 m monopile 

without a counterweight system attached. This should not undermine the integrity of 

the analysis as the finite ) 

indicates that axial load does not significantly influence the monopile’s ultimate 

teral capacity or lateral displacements unless the axial load was close to the axial 

element analysis carried out by Haiderali et al. (2013

la

capacities of the monopile. 

Fx 

Bending 
Moment 

y 

Wpile 

Wc-w 

h 

Msoil = Fxh + 
Wpile.hpile – Wc-wy 

hpile 
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Figure 4.18   OWF 02 Bending Moment Comparison between Experiment and DNV 

Design in Prototype Scale 
 

Figure 4.18 depicts the bending moment comparison between experimental 

observations in OWF 02 and LPILE calculated moment curves utilising the DNV 

design criteria. It can be seen that the LPILE bending moment curves are very similar 

to those observed in the experiment, with little difference in values. This was also 

observed in experiments OWF 01 and OWF 03. Besides producing similar bending 

moment curves, LPILE predicts that the monopile behaves as a semi-flexible pile that 

both flexes and rotates at 70% of the pile depth, simila  the experimental 

    

espite the similarities in the bending moment curves, the load-displacement output 

rvation is consistent with the observations seen in the experimental p-y 

curves of Figure 4.12 to 4.14 that display a greater initial stiffness but eventually 

soften to the DNV calculated ultimate soil reaction values. 

r to

observations in Figure 4.9 and Figure 4.11. 

D

resulting from the DNV design methodology displayed a much softer response, as can 

be seen in Figure 4.19(a). The similarity in bending moment distribution implies that 

LPILE is calculating the correct lateral resistance profile from the DNV p-y curves. 

The underestimate in global initial stiffness suggests that while the stiffness 

distribution along the pile is broadly correct, the stiffness of all p-y curves should be 

increased. Figure 4.19 (b) shows that the experimental curves display secant stiffness 

30% to 40% greater than the DNV design output. However, as the pushover continues, 

the experimental secant stiffness reduces and converges with the DNV design output. 

This obse
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(a) 
Figure 4.19   Load-D een Experiment and 

DNV Design 

a strong need to characterise the p-y curves and 

vestigate the influence that the pile toe shear force, Fshear has on the monopile’s 

fittings across the 

ree experiments, the p-y curves generally have a power of 0.29, only slightly lower 

Horizontal Load vs. Mudline Displacement         (b) Secant Stiffness 
isplacement and Stiffness Comparison betw

 

Assuming a monopile-wind turbine system is designed as a “soft-stiff” structure 

according to the DNV design methodology in soil similar to overconsolidated 

speswhite kaolin, the actual lateral stiffness of the system would be 40% stiffer than 

that designed for. As a result, the natural frequency will be greater than estimated. 

Based on these results, the DNV design curves may be inappropriate for cyclic 

loading design as the initial soil soil-foundation stiffness is significantly 

underestimated. Considering that the initial soil-foundation stiffness may be 

significantly underestimated, there is 

in

lateral behaviour. 

 

4.4.3 Characterising Monopile p-y Curves  

Characterisation of the experimental p-y curves was first done by fitting a linear 

equation to p-y curves on a log-log axis as shown in Figure 4.20, resulting in a power-

law relationship. Based on the average obtained from the linear 

th

than Matlock’s (1970) value of 1/3. 
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log10(p) = 0.2576log10(y) + 2.9937
R2 = 0.9947

log10(p) = 0.2808log10(y) + 3.1684
R2 = 0.9959

log10(p) = 0.2884log10(y) + 3.2708
R2 = 0.9876

log10(p) = 0.2888log10(y) + 3.294
R2 = 0.9874
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Figure 4.20   Logarithmic Plot of p-y Curves for OWF 02 

 

A review of Figures 4.12 to 4.14 indicates that the ultimate soil reaction is well 

estimated by Matlock’s (1970) equation (equation (2.11) in section 2.6.1) utilising a J 

value of 0.5 for normally consolidated clays and a value of 0.25 for heavily 

overconsolidated clays. Considering that Matlock’s equation estimates the ultimate 

soil reaction very well, the next step was to determine the displacement (relative to 

Matlock’s definition of yc) at which the ultimate soil reaction was mobilised. Out of 

all the p-y curves above the rotation point across the three experiments as shown in 

Figures 4.12 to 4.14, the OWF 03 p-y curves at 4 m, 6 m, and 8 m depths provide the 

learest indication that the ultimate soil reaction is mobilised at approximately 4yc. c

Considering this, equation (2.12) was modified as shown in equation (4.6). 

 

29.0

29.04 ⎟⎟
⎠

⎞
⎜⎜
⎝

⎛

c

u

y
yp  for y ≤ 4yc 

p =  

 

up  for y ≥ 4yc 

(4.6)

 

Utilising Equation (4.6), modified DNV curves were plotted against the experimental 

p-y curves as shown in Figures 4.21 to Figure 4.23. Soil reaction was normalised to 

suD while displacements were normalised to yc (where yc = 2.5εcD). Comparisons 

were not done with the 12 m and 16 m p-y curves as the curves were distorted due to 

their close proximity to the rotation point.  
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4 m (OCR = 7.4) 6 m (OCR = 4.8) 

  
8 m (OCR = 3.5) 10 (OCR = 2.8) 

  
18 m (OCR = 1.5) 20 m (OCR = 1.3) 

 
Figure 4.21   Experimental vs. Modified DNV Design p-y Curves of OWF 03 – 

180 kPa Preconsolidated 
 

As shown by Figures 4.21 to 4.23, the initial stiffness of the experimental p-y curves 

from 4 m to 10 m depths are well captured by the modified DNV curves. From the 

graphs, a J value of 0.25 should be utilised at depths where OCR ≥ 4 while a J value 

of 0.5 should be utilised at depths where OCR < 4 as curves produced based on this 

criteria would help achieve a good balance between capturing stiffness and estimating 

the ultimate soil reaction available. For example, even though the J = 0.25 curve of 
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the 8 m curve of Figure 4.22 is slightly softer than both experimental and J = 0.5 p-y 

urve, the ultimate soil reaction is better estimated. This can also be seen ic n the other 

-y curves of Figure 4.22 and Figure 4.23. p

 
4 m (OCR = 11.9) 6 m (OCR = 7.8) 

  
8 m (OCR = 5.7) 10 m (OCR = 4.5) 

  
18 m (OCR = 2.4) 20 m (OCR = 2.1) 

 
Figure 4.22   Experimental vs. Modified DNV Design p-y Curves of OWF 01 – 

c

300 kPa Preconsolidated 
 

With the exception of OWF 01, the Modified DNV curves near the pile toe also seem 

to capture the general shape and the initial stiffness of the experimental p-y curves 

very well until a displacement of approximately y . Though there is a divergence due 
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to the influence of the shear force acting at the pile toe, the curves suggest that the 

shear force is not fully mobilised immediately from the beginning of the pushover but 

builds up as the pushover proceeds. 

 
4 m (OCR = 19) 6 m (OCR = 12.4) 

  
8 m (OCR = 9.1) 10 m (OCR = 7.2) 

  
18 m (OCR = 3.8) 20.4 m (OCR = 3.3) 

  
Figure 4.23   Experimental vs. Modified DNV Design p-y Curves of OWF 02 – 

500 kPa Preconsolidated 
 

Figure 4.24(a) displays a comparison of the horizontal load vs. mudline displacement 

curves between the experimental observations and the LPILE output based on the 

modified DNV criterion. An exponential power of 1/3 was also utilised for 
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comparison. Based on Figure 4.24(a), the ultimate load capacities are fairly well 

captured by the modified DNV criterion curves with exponential powers of 0.29 and 

1/3, indicating that the change in power has a minor effect on results. Though the 

curves resulting from the Modified criterion are slightly stiffer relative to the 

experimental curves, the general shape of the experimental load-displacement curve is 

still well captured up to a mudline displacement of 0.3 m, significantly greater than 

might be allowed in design.  

 

   
          (a) 2.5 m Mudline Displacement                   (b) 0.25 m Mudline Displacement 

Figure 4.24   Horizontal Load vs. Mudline Displacement Comparison between 
Experiment and Modified DNV Design 

 

Figure 4.24(b) displays the same curves for mudline displacements less than 0.25 m. 

According to Achmus et al. (2009), a maximum permanent rotation of a monopile at 

udline of 0.5° has been specified in recent projects. If the depth of rotation is 14 m, 

2 m. Based on Figure 4.24(b), the 

ures the monopile-soil 

tiffness. 

m

this corresponds to a mudline displacement of 0.1

stiffness of the experimental curves are slightly better captured with an exponential 

power of 0.29 as the output resulting from an exponential power of 1/3 are softer. 

Even though the general shape is captured, the results suggest that the usage of an 

exponential power of 0.29 for the p-y curves better capt

s
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Figure 4.25   OWF 02 Bending Moment Comparison between Experiment and 

Modified DNV Design in Prototype Scale 
 

The general shape of the bending moment curves are still well estimated by the 

modified DNV criterion as shown in Figure 4.25 for experiment OWF 02. There is 

very little difference between the bending moment curves resulting from the usage of 

an e ing 

fro , 

ith dif hat the 

'Neill, 

984) that were mentioned in sections 2.6.3 and 2.6.4 respectively. 

As highlighted by the alternative criterions suggested by Sullivan et al. (1980) and 

deflection ), but a 

variable number that is dependent on the properties of the soil in question. Depending 

xponential power of 0.29 and 1/3 to construct the p-y curves. The curves result

m the modified DNV criterion have slightly lower values as shown in Figure 4.25

ferences observable starting from a depth of 4 m. It is possible tw

differences in bending moment are due to effects of pile toe shear force, Fshear that 

have yet to be accounted for. The effects of Fshear and its characterisation will be 

discussed in the subsequent sections. 

 

4.4.4 Comparison to Other Criteria for Constructing p-y Curves for Clay 

As discussed in the previous section, not only do the experimental p-y curves mobilise 

pu at 4yc instead of 8yc, the curves also increase at an exponential power of 0.29 

instead of 1/3. Considering the differences, reference was made to the Unified Clay 

criterion (Sullivan et al., 1980) and Integrated Clay criterion (Gazioglu and O

1

 

Gazioglu and O’Neill (1984), the constant utilised in the calculation of the reference 

 yc is not a fixed number of 2.  as suggested by Matlock (19705
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on the soil in question, the value utilised as the constant to calculate yc can be lower 

than 2.5. Based on equation (4.6), if yc is 2.5εcD, 0.67pu is mobilised at a 

displacement of yc. However, this is not in line with the definition of yc since 0.5pu is 

not mobilised at yc. To determine the displacement at which 0.5pu is mobilised, 

equation (4.6) can be resolved as follows: 

 

29.0
29.0

45.0 ×=⎟⎟
⎠

⎞
⎜⎜
⎝

⎛

cy
y  (4.7)

  

Based on the above equation, 0.5p  is mobilised at y of 0.366 . This in turn 

r

f 0.916 for the tested speswhite kaolin. Relative to the constants recommended by 

An evaluation of yc was carried out based on the definition of yc (equation (2.31) of 

ection 2.6.4  stiffness at 

tion r

recommended that various soil properties be considered in the estimation of the 

constant to calculate yc.  

u c

edefines the constant to calculate the reference deflection from 2.5 to a lower value 

5y

o

Sullivan et al. (1980) of 2.5 for normally consolidated clays similar to the Sabine 

River site and of 0.35 for heavily overconsolidated clays similar to the Manor site, the 

constant is in between the recommended constants. Even though the speswhite kaolin 

was heavily overconsolidated as the Manor site, it is possible that the differences in 

soil properties between the two soils such as plasticity index, liquidity index, and 

sensitivity contributed to the differences in constants. Since the constant to calculate 

can vary based on soil properties, Sullivan et al. (1980) suggests that the constant be 

estimated using judgement should the soil properties differ from the Sabine River and 

Manor clays. 

 

) provided by Gazioglu and O’Neill (1984). The secant soils

half the deviator stress at failure in UU triaxial compression, Es was estimated based 

on the values provided in Table 2.5 that linked su with Es. Based on equation (2.31), it 

was determined that the constant A´ was 0.4 for the tested speswhite kaolin. This 

value is similar in magnitude to the values that Gazioglu and O’Neill (1984) observed 

at their sites at Sabine, Texas and Harvey, Los Angeles that were approximately 

normally consolidated clays. However, the speswhite kaolin in the experiment was a 

heavily overconsolidated clay. This indicates that A' may be a function of other 

factors besides overconsolida atio, as highlighted by Sullivan et al. (1980) who 
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Figure 4.26   Sm parison between EM

for Truncated Power Law (Klar and Osman, 2008) 
ooth Pile Com SD and Finite Difference Method 

Results from other researcher alculate yc is constant and 

 not dependent on soil properties. Skempton (1951) defined yc as 2εcD based on his 

work to estimate settlement of a circular footing in saturated clays with no water 

con

new ed mobilisable strength design (EMSD) work as shown in Figure 4.26 

would result in a yc that is approximately 1.5εcD. Relative to the experimental results 

and considering the work of Sullivan et al. (1980) and Gazioglu and O’Neill (

the results suggest that the constant to calculate yc is dependent on the properties of 

the

culate yc is dependent on the 

roperties of the soil in question, it is suggested that yc be reformulated as 2.5αεcD, 

where α is a constant tha s de endent on the soil in question. Based on Sullivan et al. 

(1980), 0.14 ≤ 1. Based on the experimental results,  is 0.367 for 

overconsolidated speswhite kaolin. nce no change w o characterise 

e experimental p-y curves, α appears to be unaffected by overconsolidation ratio. 

Ho ndent on other soil characteristics that are unknown since no 

ata is available. Assuming α for a clay in question is as low as 0.14 as suggested by 

onopile design with the assumption that α 

 

s suggest that the constant to c

is

tent change under applied stress whereas Klar and Osman (2008)’s analysis on the 

 extend

 1984), 

 soil in question. 

 

Since the results suggest that the constant to cal

p

t i p

 α ≤ α

Si as required to α t

th

wever, α may be depe

d

Sullivan et al. (1980) for the Manor site, m

is 1 would produce a system with stiffness 76% greater than estimated. As a result, the 

actual natural frequency of the system would be greater than estimated. Therefore, it 

is crucial that an appropriate α be utilised in design to better estimate the stiffness of 
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the system. Since no data is available on regarding the factors that may influence 

α, further research involving centrifuge or field tests should be carried out. 

 

4.4.5 Recommendations for p-y Curve Construction for Static Loading 

Based on the findings, the following methodology is recommended for constructing 

static loading p-y curves for design: 

 

1. Calculate the ultimate lateral resistance, pu utilising equation (2.11) of section 

2.6.1. J of 0.5 should be used for lightly or normally consolidated soils with 

OCR < 4 and a J of 0.25 for heavily overconsolidated soils with OCR ≥ 4. 

 

2. Calculate the reference deflection, yc at which 50% of the ultimate soil reaction is 

mobilised. yc is 2.5αεcD, where α is a constant that is dependent on the soil in 

question. Based on Sullivan et al. (1980), 0.14 ≤ α ≤ 1 

 

3. Calculate the static loading p-y curves utilising as below: 

 

29.0

2 ⎟⎟
⎠

⎞
⎜⎜
⎝

⎛

c

u

y
yp  for y ≤ 10.92yc 

p =  

up  for y ≥ 10.92yc 

(4.8)

 

4.5 Pile Toe Shear Force 

 

ince the monopile behaves as a short and rigid pile, it rotates at depth and produces a 

and enclosed soil plug) was used together with the DNV design p-y curves in LPILE. 

S

toe-kick that generates a shear force at the pile toe. The shear force at the pile toe will 

contribute to the pile’s lateral resistance (Lau et al., 2014, Abdel-Rahman and 

Achmus, 2005, Brødbæk et al., 2009). However, at this point of time, it is unknown 

how much additional resistance is provided by the shear force as there are no 

publications on how to characterise the shear force as a function of deflection.  

 

4.5.1 The Effect of Pile Toe Shear Force on Pile Lateral Behaviour 

To study the influence of shear force on the monopile’s lateral behaviour, a shear 

resistance of Acombsu (where Acomb is the combined cross-sectional area of monopile 
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This corresponded to base shear force values of 457 kN, 696.2 kN, and 1070.5 kN for 

experiments OWF 03, OWF 01, and OWF 02 respectively. The shear force was 

defined as being fully mobilised throughout the pushover. As shown by Figure 4.27(a), 

the presence of a shear force at the pile toe does increase the lateral resistance of the 

monopile and based on Figure 4.27(b), the monopile initially experiences 9% to 14% 

greater stiffness. However, the increase in stiffness quickly drops to around 4.5% at a 

mudline displacement of 0.5 m. 
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(a) Horizontal Load vs. Mudline Displacement           (b) Secant Stiffness Comparison 

Figure 4.27   Load-Displacement and Stiffness Comparison between Experiment, 
DNV Design and DNV Design with Pile Toe Shear Force 

 

Though there is a significant “toe-kick” to generate a shear force at the pile toe, the 

results of Figure 4.27 suggest that the shear force does not contribute significantly to 

the ultimate lateral resistance of the monopile. Soil reaction curves resulting from the 

“DNV” and “DNV + Shear Force” in OWF 01 soil strength conditions as shown in 

Figure 4.28(a) were reviewed to determine the cause behind the limited contribution. 

As shown in Figure 4.28(a), base capacity contributes little to ultimate lateral 

resistance as only 25% of the pile length (that is below the rotation point) mobilises 

less lateral resistance. Base capacity also pulls the rotation depth slightly deeper 

towards the pile toe. Bending moment curves resulting from the “DNV” and “DNV + 

Shear Force” in OWF 01 soil strength conditions are shown in Figure 4.28(b). Based 

on Figure 4.28(b), the shear force causes a slight increase in bending moment starting 

from a depth of 5 m. The greatest difference in bending moment occurs at depths of 

approximately 16 m to 18 m, close to the pile toe. 
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        (a) Soil Reaction          (b) Bending Moment 

Figure 4.28   OWF 01 Soil Comparison between DNV and DNV + Shear Force 
 

Based on Figures 4.27 and 4.28, shear force does not contribute significantly to the 

ultimate lateral resistance of the monopile and its effects on both stiffness and bending 

moments are minimal. Since monopile design to resist bending moments is dictated 

y the largest moment closer to the soil surface, slight increases in bending moments 

n. Though concern has 

, the effects of shear 

rce may have to be considered for much stubbier structures that have much larger 

y by powers of 0.1, 0.2, and 0.3 were used in LPILE. The displacements 

b

towards the pile toe by the shear force would be of little concer

been raised by Brødbæk et al. (2009) regarding the role of pile toe shear force in 

monopile design, the figures suggest that the effects of pile toe shear force are 

minimal and may not need to be included in design. However

fo

widths and lower slenderness ratios. 

 

4.5.2 Characterising the Pile Toe Shear Force 

Even though the pile toe shear force, Fshear does not significantly improve the 

monopile’s lateral resistance, it does enhance the mobilisation of capacity at low 

displacements as seen in Figure 4.28(a) as well as affecting bending moments to some 

extent. It is hence of some interest to characterise this force.  

 

Since soil is not a linearly elastic perfectly plastic material, it can be assumed that the 

shear force increases exponentially with displacement, similar to the p-y curves. To 

determine which exponent provided the best fit, Fshear curves that increased 

exponentiall
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at which shear force was fully mobilised were also varied to determine the effect 

displa ent 

urves at depths of 17 m and 18 m were then compared with the experimentally 

cement had. Following that, the bending moment vs. pile toe displacem

c

observed curves. An example of this is shown in Figure 4.29 for test OWF 03. To be 

consistent with experimental findings, yc is defined as 0.916εcD. 

 

   
        (a) Full Mobilisation at 20yc                                        (b) Full Mobilisation at 71yc 

Figure 4.29   OWF 03 Bending Moment Curves at 18 m Depth showing Different 
Exponential Powers and Displacements for Shear Force Mobilisation 

 

As shown in Figure 4.29, an exponential power of 0.1 seems to fit the experimental 

curve. In addition, the curves also show that the displacement at which Fshear is fully 

mobilised does very little to influence the stiffness of the curves. Though an 

exponential power of 0.1 fits the bending moment curve of OWF 03, an exponential 

power of 0.3 and 0.2 provides a better fit for experiment OWF 01 and 02 respectively, 

as seen in Figures 4.30 to 4.31. Based on the results, the power the shear force 

increases exponentially by ranges from 0.1 to 0.3. However, an exponential power of 

.2 appears to be an appropriate fit that would match across the three experiments 

he bending moments as seen in Figure 4.30. 

0

even though it may overestimate t
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Figure 4.30   OWF 01 Bending Moment Curves at 17 m Depth Comparison for Shear 

Force with Different Exponential Powers at 32yc Full Mobilisation 
 

 
Figure 4.31   OWF 02 Bending Moment Curves at 18 m Depth Comparison for Shear 

Force with Different Exponential Powers at 55yc Full Mobilisation 
 

A review of the p-y curves at the pile toe of Figures 4.12 to 4.14 was carried out to 

determine the displacement at which Fshear was fully mobilised, yshear full. Figure 4.32 

sh a 

rger scale. As a reminder, the pile toe displacement was normalised to Matlock’s 

ows the experimental pile toe curves plotted on the same figure and expanded to 

la

(1970) definition of yc of 2.5εcD. As shown in Figure 4.32, it can be observed that the 

soil reaction eventually flattens off and plateaus as the pushover comes closer to 

reaching its end. The plateau is achieved at pile toe displacements of approximately 

25yc, 15 yc, and 20 yc for experiments OWF 03, OWF 01, and OWF 02 respectively. 

By taking an average, the results suggest that Fshear is fully mobilised at an average 

displacement of 20yc.  
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Figure 4

 
.32   Experimental Pile Toe alised p-y Curves 

If yc i , this 

ould translate to an average displacement of 55yc (as utilised in Figure 4.31). 

wer and the yshear full selected 

 construct the Fshear curve. 

 Norm

s defined as 0.916εcD based on experimental findings for speswhite kaolin

w

However, as shown in Figure 4.29, yshear full has little influence on the resulting 

bending moments. Therefore, the need to accurately define the reference deflection at 

which 0.5Fshear is mobilised is low. In addition, it is not possible to accurately define 

the reference deflection at which 0.5Fshear is mobilised since the exponential power 

the shear force increases exponentially by ranges from 0.1 to 0.3. Considering this, the 

shear reference deflection, yshear ref can be set equal to yc even though the proportion of 

Fshear mobilised would vary based on the exponential po

to

 

4.5.3 Recommendations for Constructing Pile Toe Shear Force Curve 

Based on the findings, the following methodology is recommended for constructing 

the pile toe shear force curve. 

 

1. Set the shear reference deflection, y shear ref to equal yc of section 4.4.5. 

 

2. Calculate yshear full , the displacement at which Fshear is fully mobilised as follows: 

 

yshear full = χ . yshear ref (4.9)
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where χ is a constant that varies based on α utilised to calculate yc. χ is defined as: 

 

α
χ 20

=  (4.10)

 

Since 0.14 ≤ α ≤ 1, therefore 20 ≤ χ ≤ 143. 

 

3. Calculate the pile toe shear force curve as below: 

 

β

βχ ⎜
⎝ y ⎟

⎟

⎠

⎞
⎜

shea

combA  for y  . y  
  

. y f 

(4.11)

 

where 0.1 ≤ β ≤ 0

 

4.6 

n 

methodology greatly underestimated the lateral stiffness of the foundation, resulting in 

need to

 

ation of the monopile’s lateral stiffness. LPILE results 

ental curves within the maximum permanent 

rotation at mudline of 0.5° as specified by Achmus et al. (2009) and estimated the 

ultimate la  However, the modified DNV methodology 

overestimates lateral stiffness beyond a permanent rotation at mudline of 1.0°. This 

⎛ y

refr

us
≤ χ shear ref

Fshear =

 

ubs  comA for y ≥ χ shear re

.3. 

Summary 
The basis behind the selection of the undrained shear strength profile utilised in 

analysis and the methodology to derive the experimental p-y curves was explained to 

provide the foundation underlying the LPILE analysis. Based on the displacement 

curves, the monopile behaves as both a flexible pile that flexes and a short rigid pile 

that rotates at depth, producing an undesirable toe-kick that in turn generates a shear 

force at the pile toe. Experiment results indicated that the DNV (2014) desig

underestimation of the system’s natural frequency. As a result, there was a strong 

 characterise the p-y curves. 

To characterise the experimental p-y curves, the DNV design methodology based on 

Matlock’s (1970) recommendations for soft clays was modified and this in turn 

enabled better estim

corresponded very well with the experim

teral load very well.
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ind -

rbine design ate lateral 

h

y, the increase in lateral stiffness by the pile toe shear force, 

shear is marginal as the lateral resistance improving effects are limited to depths 

below the rotation point that account for 25% of the monopile’s length. Therefore, the 

effects of Fshear are minimal and may not need to be considered in monopile design. 

Despite the marginal effects of Fshear, effort was made to characterise Fshear as Fshear 

was observed to enhance the mobilisation of capacity at low displacements and affect 

bending moments to some extent. As a result, recommendations and equations to 

characterise Fshear were developed based on experimental results. The 

recommendation may be suitable for the design of much stubbier structures that have 

much larger widths and lower slenderness ratios as Fshear may have a greater impact 

on the lateral behaviour. 

icates that the modified DNV methodology may be suitable for monopile wind

s but may be unconservative for applications where ultimtu

stiffness is of greater importance such as in the design of anchor piles.  

 

Reference to literature indicates that the reference deflection, yc at which 50% of the 

ultimate soil reaction is mobilised can vary widely and is dependent on the soil. 

Therefore, further research should be carried out to confirm how t e constant varies 

relative to the soil properties. From experiment results, the constant that defines yc 

appears to be unaffected by overconsolidation ratio. 

 

Based on the LPILE stud

F
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CHAPTER 5 

 

5. CYLIC TESTS RESULTS 
 

5.1 Introduction 
This chapter presents the cyclic test results of OWF 06 to OWF 09 and the 

corresponding analyses that are related to the cyclic behaviour of the monopile in clay. 

The main objectives of these tests are to better understand the different aspects of 

monopile cyclic behaviour and to also suggest recommendations that the industry can 

utilise when considering the cyclic aspect of monopile design. Experimental details of 

these tests can be found in section 3.5 that provides information on the vertical load 

condition, monopile diameter, and soil consolidation profile and section 3.7.4 

regarding the centrifuge testing procedure and the cyclic loads applied. 

 

5.2 Soil Strength Profile for Cyclic Experiments 
In experiments OWF 04 to OWF 09, the seismic cone penetrometer, SCPT was 

utilised to measure the undrained shear strength, su. The measurements were then 

compared to the m = 0.82 SHANSEP estimates as in Figure 5.1. 

For experiments with uniformly pre-consolidated soils, Figure 5.1 shows that the 

measurements in OWF 04 and OWF 05 compare well with the SHANSEP estimates. 

However, the readings of OWF 06 and OWF 09 were lower than the SHANSEP 

estimates for a 500 kPa pre-consolidated speswhite kaolin soil. Even though the 

readings are lower than the SHANSEP estimate, for the reasons discussed in section 

4.2.2 (i.e. delaminating silicone layer above strain gauges in OWF 06 and low 

penetration velocity that failed to induce a completely undrained response in 

OWF 09), it is highly unlikely that the readings for OWF 06 and OWF 09 are 

representative OWF 06 and 

O r 

expe age 

sis. 

 

 of the in-situ su profiles. Due to the discrepancies in 

WF 09 and considering the good correlation with the SHANSEP estimates fo

riment OWF 04 and OWF 05, the SHANSEP estimates were selected for us

in analy
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Figure 5.1   Undrained Shear Strength Comparison for Cyclic Experiments 

u  in Figure 5.1 

p in the readings as the SCPT travels from the soft upper layer into 

idated to 500 kPa, the base layer was in 

 This caused the stiff base layer to experience severe 

 

As shown in Tables 3.3 to 3.4, only experiments OWF 07 & OWF 08 have two layers 

of soil pre-consolidated to pressures of different magnitudes (i.e. 500 kPa on the lower 

layer and 180 kPa on the upper layer). The difference in s  can be seen

that shows a jum

the stiffer lower layer. Even though the lower layer was pre-consolidated to a pressure 

of 500 kPa, the SCPT readings consistently show that the su of the lower layer is 

closer to the SHANSEP estimates for a 300 kPa speswhite kaolin. The reduction in su 

can be attributed to the process involved in preparing the layered models.  

 

As described in section 3.7.1, the layered models were created by consolidating the 

stiff base layer before adding further slurry and consolidating at a lower stress to form 

the softer surfacial deposit. As a result, access to water at atmospheric pressure was 

provided to the stiff base layer when the clay slurry was poured on top of the clay. 

Since the stiff base layer had been pre-consol

strong suction at that stage.

swelling and experience almost total lost of effective stress for a period of at least four 

weeks. This in turn could have led to loss of some part of the stiff base layer’s stress 

history, reducing the effective maximum consolidation pressure to a value below 
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500 kPa, and therefore reducing the strength expressed in the centrifuge tests through 

the reduction of OCR. As a result, the SCPT measured su within the stiff base layer 

were lower than the SHANSEP estimates due to 500 kPa surcharge. Section 5.3.2 will 

provide further evidence that further validates the SCPT strength measurements of 

WF 07 and OWF 08. 

 
5.3 Analysis Conditions 
5.3.1 Filter Frequency Parameters 

To analyse the experimental data, voltage readings from all instruments were filtered 

with a uniform low-pass filter using the mathematical computing software known as 

MATLAB (Mathworks, 1984). This ensured that phase-shifts did not occur between 

different instruments, ensuring uniformity. A filter frequency of 12 Hz and an order of 

5 were utilised. Not only was this frequency above the dominant frequency of all 

measuring instruments, this frequency was also the lowest frequency that ensured that 

 

.3.2 Vertical and Horizontal Load Conditions 

O

the readings across all instruments were not altered substantially.   

5

To categorise the cyclic load applied in the experiments, a similar definition to 

LeBlanc et al. (2010b) was utilised. Instead of utilising bending moments, horizontal 

load applied onto the top of the monopile was utilised as in the parameters below: 

 

capacity
b F

Fmax=ζ              
max

min

F
F

c =ζ  (5.1)

 

Fcapacity refers to the monotonic load capacity and Fmin and Fmax are the minimum and 

maximum forces in a load cycle. A graphical representation of the cyclic load 

parameters is given in Figure 5.2. As ξb is a measure of the size of the cyclic load with 

respect to the monotonic load capacity, it follows that 0 < ξb < 1. The ratio ξc that 

ranges from -1 ≤ ξc ≤ 1 quantifies the cyclic load characteristic and takes the value 1 

r a static test, 0 for one-way loading, and -1 for two-way loading. 

 

fo
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Figure 5.2   Cyclic Loading Characte ic Defined in Terms of ξb and ξc (adap

from LeBlanc et al., 2010b) 

F 

ca ith the 

as shown in Table 5.1. As in 

u ition, 

tions were considered. p-y curves were constructed based on 

the recommended methodology of section 4.4.5 while pile toe shear force was 

calculated utilising the methodology of section 4.5.3 with an exponential β of 0.2. 

 

Fcapacity for Experiment in Model Scale(N) 

rist ted 

 

To establish Fcapacity and the vertical load conditions of experiments OW 07 and 

OWF 08, it was necessary to compare the experimentally measured F pacity w

LPILE calculated values the table, two soil conditions 

were considered that included su measured from the SCPT and the SHANSEP 

estimated s  for the 500 kPa pre-consolidated stiff base layer. For each soil cond

three vertical load condi

Cases OWF 07 OWF 08 
Experiment Measurement 207.7 196.1 
LPILE Calculated  
SCPT Strength Soil  
Zero Vertical Load 203 194 
6MN Vertical Load 157 176 
3MN Vertical Load 176 168.1 
SHANSEP Estimated Strength Soil   
Zero Vertical Load 244 215 
6MN Vertical Load 185 163 
3MN Vertical Load 207 181 

Table 5.1   Monotonic Load Capacity of Experiments OWF 07 & OWF 08 
 

As shown in Table 5.1, the LPILE calculated Fcapacity values under zero vertical load 

with SCPT measured su soil match the experimental Fcapacity. Considering how well 

the values match, not only do these values strongly suggest the presence of a zero 

vertical load condition for experiments that involved usage of the counter-weight (as 

mentioned in section 4.4.2), these values also confirm the validity of the SCPT 

 146



measured su of OWF 07 and OWF 08 of Figure 5.1, indicating that severe swelling 

contributed to the reduction in su of the stiff base layer.  

 

Since the monotonic pushover was not carried out completely in experiment OWF 06, 

or the purpose of consistency and considering how well the LPILE Fcapacity matches 

the experimental observed Fcapacity, the LPILE Fcapacity of experiments OWF 06 to 

OWF 08 were utilised to cal magnitudes in Table 3.9, ξb 

nd ξc values of experiments OWF 06 to OWF 09 were calculated, producing the 

Fcapacity was estimated utilising LPILE under zero vertical load to be 310 N. This value 

is most likely representative as the value matches the monotonic load reported for 

OWF 02 in Figure 4.19(a). In addition, both soil and experimental setup conditions of 

OWF 06 were the same as OWF 02. As mentioned in section 3.6.6, the counterweight 

system was not utilised in experiment OWF 09 as the weight of the assembly 

excluding the counterweight system achieved the desired 12 MN vertical load. 

Distribution of the vertical loads can be seen in Figure 5.3(a) in the subsequent section. 

The measured Fcapacity of 545 N was observed to be lower than the LPILE estimate of 

600 N with zero vertical load. Considering the absence of the counterweight system, 

the vertical load from self-weight acted on the pile in OWF 09. This contributed to a 

reduction in Fcapacity.  

 

F

culate ξb. Based on the load 

a

values in Table 5.2. Since most of the ξc values across the experimental stages were 

very close to zero, these stages were categorised as 1-way cyclic loading. 

 

Experiment 
OWF 06 OWF 07 OWF 08 OWF 09 Stage 
ξb ξc ξb ξc ξb ξc ξb ξc 

1 0.010 0 0.015 0 0.015 0 0.011 0 
2 0.12 -0.09 0.16 0.06 0.16 0.01 0.11 -0.02 
3 0.25 -0.03 0.28 -0.35 0.41 0.05 0.28 0.03 
4 0.32 0 0.49 -0.01 0.57 0.10 0.41 0.08 
5 0.61 -0.24 0.62 -0.25 0.44 -0.27 
6 0.83 0.08 0.72 -0.09 0.40 -0.39 
7 

NA 
1.00 0 1.00 0 1.00 0 

Table 5.2   Cyclic Load Characteristics of Experiment OWF 06 to OWF 09 
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As in section 3.7.4, due to experimental error, 1.25-way cyclic loading was carried out 

in experiments OWF 07 to OWF 09 instead of the intended 1.6-way loading that was 

meant to verify the findings of LeBlanc et al. (2010b) on 1.6-way loading. Besides 

1.25-way loading, 1.4-way loading was also carried out in experiments OWF 07 and 

OWF 09. It should be noted that due to the excessively small voltage readings in 

tage 1, analysis of the data in stage 1 was not possible and was not carried out. 

 
5.4 Verification of OWF 09 Vertical Load Condition and 

Applicability of Suggested p-y Curves  
o verify the vertical load condition and applicability of the suggestions of chapter 4 

    (a)                (b) 

Figure 5.3   OWF 09 Vertical Load Condition for (a) Experimental Assembly (b) 
LPILE Modified Matching Bending Moment Condition   

 

ince LPILE does not enable application of load at other points along the pile, the 

 calculated 

igonometrically using both laser displacement readings 10 m above the mudline and 

s

T

on the 7.62 m diameter pile, the vertical load condition of Figure 5.3(a) was 

considered in LPILE.  

 

 

S

vertical load above the pile was modified as in Figure 5.3(b) to match the bending 

moment condition of 5.3(a) by taking moments about the point of rotation, drot. Since 

soil reaction curves could not be calculated due to the failure of the bending moment 

strain gauges as reported in section 3.7.5, the peak load drot was

tr

0.572 kg 

0.64 kg 

30 m 

0.86 kg 

20 m 

5m 

Fx 

8.4 MN 

Fx 

1.212 kg 

12 MN 

15.5 m 15.5 m 

30 m 

20 m 
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MEMs rotation readings (with the assumption that the pile is completely rigid with 

zero flexing) as shown in Figure 5.4. As shown in Figure 5.4, the peak load drot was 

calculated to be 15.5 m. 

 

 
Figure 5.4   OWF 09 Peak Load Rotation Depth  

 

 
Figure 5.5   OWF 08 Stage 4 Rotation Depth Difference between Soil Reaction 

Estimate and Laser & MEMs Estimate 
 

To determine the reliability of drot calculated at peak load utilising both laser and 

MEMs readings, a comparison was carried out between the drot calculated from the 

soil reaction data” and from the “laser and MEMs readings”. drot at zero load was 

le of this can be seen in Figure 5.5 for OWF 08 Stage 4. 

observation in Figure 5.5, drot at zero load was observed to be deeper 

“

also considered. An examp

Similar to the 

than drot at peak load across experiments OWF 06 to OWF 09. In addition, the zero 

load drot estimated from soil reaction was consistently observed to be much shallower 

than the drot estimated from laser & MEMs readings. However, the peak load drot 
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calculated from both soil reaction and laser & MEMs readings were similar to each 

other. Therefore, even though drot may be inaccurately estimated at zero load using the 

laser and MEMs readings, the similarity of drot at peak load calculated from both soil 

reaction and laser & MEMs readings suggests that the peak load drot is accurately 

stimated by the laser & MEMs readings. 

 

The 15.5 m rotation depth of OWF 09 is deeper than the observed 14 m rotation 

depths of the monotonic experiments as described in section 4.3.2. After carrying out 

a parametric analysis that considered pile slenderness ratio, undrained shear strength 

su, p-y curve stiffness, and pile toe shear force Fshear, it was determined that drot was 

pulled deeper only when Fshear was modelled utilising equation (4.11) to increase at an 

exponent power β of 0.1 instead of 0.2 that was suggested in section 4.5.2 to be an 

appropriate fit to the results of the monotonic experiments. This can be seen in Figure 

5.6 that displa iles (with zero vertical load) 

wit nt 

of 0.1 is obser 2 m monopile 

deeper as compared to the 3.83 m fference in effect is not only due 

to the exponential power but also due to the magnitude of Fshear that greatly increases 

with diameter (i.e. increase of D by 2 increases Fshear by 4, but only increases lateral 

resistance along the pile shaft by 2).  

 

e

ys the drot of the 3.83 m and 7.62 m monop

h Fshear of 0.2 and 0.1 exponents. As shown in Figure 5.6, Fshear with an expone

ved to have a greater effect on pulling the drot of the 7.6

 monopile. This di
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Figure 5.6   Rotation Depth Comparison between 3.83 m and 7.62 m Monopile in 
500 kPa Preconsolidated Speswhite Kaolin for Fshear of Different Exponents 
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This difference in drot was also observed in Haiderali’s (2012) numerical modelling of 

35 m long monopiles in clays of different strengths. As shown in Table 5.3, for soil of 

the same su, the 7.5 m diameter monopile has a deeper rotation depth compared to the 

5 m diameter monopile. In addition, as su increases, the difference in the drot between 

the 5 m and 7.5 m monopile increases. Though Haiderali (2012) does not discuss the 

effects of base shear, the results of Table 5.3 suggest that a factor related to D 

contributes to the difference in rotation depth.  

 

Rotation depth (m) su (kPa) D = 5 m D = 7.5 m 
50 22.8 23.5 
75 20.9 23.3 
100 18.9 22.5 

Table 5.3   Rotation Depth of 35 m Long Monopile (Haiderali, 2012) 

 

Considering the good match between the observed drot of OWF 09 and the LPILE 

parameteric analysis and the resul  (2012) numerical modelling, the 

results strongly suggest that Fshear increases with a 0.1 exponential power. As a result, 

Fshear was modelled with a 0.1 exponential power in LPILE. 

 

To verify the vertical load condition and p-y curve suggestions of Chapter 4, the 

actuator displacement observed during the monotonic stage of OWF 09 was compared 

to the estimates from LPILE as in Figure 5.7. With the inclusion of the 8.4 MN 

vertical load at the monopile top, Fcapacity from LPILE drops from 6,000 kN (reported 

in section 5.3.2) to 4,450 kN as shown in Figure 5.7(a). In order to match the Fcapacity 

from t il reaction,  20%. 

Though the com  

.4.5 underestimates pu by 20%, the LPILE curve displays a softer overall response 

ts from Haiderali’s

he experiment, the ultimate so p  had to be increased byu

parison suggests the possibility that the recommendation in section

4

compared to the experiment, indicating that that the system has stiffened as a result of 

the previous cyclic loading stages. 

 

A comparison was also made between the first and second cycles of actuator 

displacements of stage 2 as shown in Figure 5.7(b) to determine how well the stiffness 

of the system was modelled by the suggestions in chapter 4. Based on Figure 5.7(b), 

the initial stiffness of the system is greatly overestimated as compared to the results. 
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Attempts made to match the load-displacement curves of stage 2 involved softening 

the p-y curve by doubling α from 0.367 to 0.734 and by increasing the exponential 

from 0.29 to 1/3. However, these attempts failed to soften the load-displacement curve 

to match the cyclic curves of stage 2. 

 

     
            (a) 5 m  Actuator Displacement 

Figure 5.7   OW Displacement Comparison 
ates 

 

Attempts were not m ential beyond 1/3 as an increase in 

. Considering that α  ≤ 1 and the 

limit on in s two possibilities. Firstly, 

the suggested m p-y curves may be 

inappropriate to estim onopiles of greater diameters 

se is well modelled as shown 

in Figure 5.7(a). Therefore, further research has to be carried out to improve the 

me econdly, an unknown factor that has not 

been consid served reduced stiffness. Considering this, it 

is recomme  in the future with functioning 

bending mome  accurate picture of the vertical load 

 the soil strata. 

 

 Actuator Displacement                 (b) 0.08 m
F 09 Horizontal Load vs. Actuator 

between Experiment and LPILE Estim

ade to increase the expon

exponential caused a significant reduction in Fcapacity

creasing the exponential, the comparison suggest

ethodology in section 4.4.5 to construct the 

ate the small strain stiffness of m

or lower slenderness ratios. However, the overall respon

thodology and address this limitation. S

ered is contributing to the ob

nded that experiment OWF 09 be repeated

nt strain gauges that will give an

condition and the lateral behaviour of the monopile within



5.5 Cyclic Stiffness Regimes 
5.5.1 Investigating Cyclic Stiffness 

With the data available from the tests, there are two ways to quantify the change in 

cyclic stiffness; firstly, changes in monopile secant stiffness, k and secondly, changes 

in p-y curve stiffness. Monopile secant stiffness k was quantified as:  

 

minmax

minmax

θθ −
−

=
FFk      for ξc ≈ 0 

or 

zero

zeroFFk
θθ −

−
=

max

max       for ξc <0 

(5.2)

 

Fz  load magnitude at time of zero lateral load, and θmax, θmin, and θzero are pile 

rotation at maximum, minimum, and zero lateral load of each cycle. Fzero and θzero are 

utilised to calculate k for ξc <0 in order to make comparison possible with k for ξc ≈ 0. 

A visual of the quantification of k is shown in Figure 5.8.  

 

(a)                (b) 
Figure 5.8   Method to Determine Stiffness for (a) ξc ≈ 0 (b) ξc < 0 

 

To study the changes in p-y curve stiffness, the p-y curves were derived using the 

methodology as mentioned in sections 4.3.1 and 4.3.3. The beginning and end points 

of the curves were determined using the points of reference as in Figure 5.8. To 

evaluate the change in p-y curve stiffness across the cycles, the curves were fitted with 

a linear function and the linear slopes were extracted and compared to each other. 

Since the result of a linear fit to a non-linear p-y curve is dependent on the extent of 

ero is

 

F 
Fmax 

min θ 

k1 kN

θmin 1 θmax 1 θmin N θmax N

θ 

Fmax

Fzero

k1 kN 

θzero 1 θmax 1 θzero N θmax N 

F
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the data, it was determined that the fit be taken from the beginning and end points 

using the points of reference as in Figure 5.8. This not only ensured uniformity across 

the linear fits at different depths, it also ensured that no subjectivity was applied in the 

selection of the data points at different depths. 

 

Besides analysing the changes in cyclic stiffness, other aspects that could have 

ontributed to changes in cyclic stiffness were investigated. These include bending c

moments at the time of zero load application (referred to as Mzero), changes in soil 

reaction, and excess pore pressures across the monopile. Mzero was reviewed as 

Kirkwood and Haigh (2014) reported that locked in stresses played a role in 

influencing the cyclic behaviour of monopiles in sand. In their centrifuge tests, they 

observed an increasing locked in Mzero for cyclic loads with ξc ranging from -0.01 to 

0.54. In addition, the Mzero was observed to increase logarithmically with increasing 

cycles. Based on the observations, Kirkwood and Haigh (2014) suggested that the 

locked in moments were caused by the locked in soil stresses. With increasing lock in 

stresses, foundation stiffness in turn increases. To assess whether the findings of 

Kirkwood and Haigh (2014) are also applicable in clays, Mzero was analysed. 

 

 
Figure 5.9   Layout of PPTs 

 

The excess pore pressure behaviour across the monopile was reviewed to study the 

link between the excess pore pressure behaviour and the cyclic stiffness behaviour. As 

mentioned in section 3.6.1, five PPTs were installed throughout the experimental 

model to measure the changes in pore pressure as shown in Figure 5.9. PPTs 1 to 4 are 

located half a diameter away from the monopile to measure the cyclic excess pore 

1

2

3

4.8 m

5.7 m

7.8 m

4

10.7 m

5

18.5 m 

PositiveNegative 
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pressure response while PPT 5 was installed 20.5 m away from the monopile to gauge 

the percentage of consolidation during the experiment. Since the initial pore pressure 

in each cyclic load stage was observed to be very close hydrostatic, the excess pore 

pressure was measured by utilising the initial gauge pressure of the first stage of each 

spective experiment. re

 

The initial excess pore pressure, ∆u measured when the monopile was loaded 

corresponds to what one would expect based on loading under plane-strain conditions. 

When the monopile was loaded in the positive load direction as shown in Figure 5.9, 

PPTs 1 and 2 measured positive excess pore pressures while those at locations 3 and 4 

measured negative excess pore pressures. The reverse took place when the pile was 

loaded in the negative direction. This is due to the changes in stress conditions. In 

plane-strain conditions: 

 

2
''' hvs σσ ∆+∆

=∆  (5.3)

 

2
'' hvt σσ ∆−∆

=∆  (5.4)

 

where, ∆s' is the change in effective mean stress, ∆t is the change in deviator stress, 

∆σ'v is the change in effective vertical stress, and ∆σ'h is the change in effective 

horizontal stress. When the monopile is loaded in the positive direction, the soil above 

the rotation point at PPTs 1 and 2 and the soil below the rotation point on the opposite 

side, will experience lateral compression; no change in axial stress but an increase in 

effective horizontal stress. As a result, 

 

2
'' hs σ∆

=∆  (5.5)

 

'h
2

t σ∆−
=∆  (5.6)

 

At the same time, the soil above the rotation point at PPT 4 and below the rotation 

point at PPT 3 will experience a decrease in confining stresses as the pile moves away. 

As a result,  
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2
'' hs σ∆−

=∆  (5.7)

 

2
'ht σ∆

=∆  (5.8)

 

By plotting the total and effective stress paths on the s' – t space as in Figure 5.10, the 

difference between total and effective stress paths shows that positive excess pore 

pressures are generated when the soil is laterally compressed and negative excess pore 

eriences a decrease in confining stresses. 

Figure 5.10   Plotting of ES (Effectiv
Biaxial Lateral Com

 

Though the above explains the princip d 

negativ cess pore pressures, a review r 

indicates that Critical State Soil M

explain the differences in cyclic stiffness be

of different characteristics. However,  at 

depth in question that influence the ex lic 

stiffness behaviour of the monopile. Since m eter 

away, the measurements are unlik

pressures developed. Despite the limitations, the measurements were analysed to 

determine how excess pore pressures contributed to the cyclic stiffness behaviour. 
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Two cyclic stiffness regimes were observed; the stiffening regime and the softening 

regime. The stiffening regime was observed in experimental stages involving ξc ≈ 0 

and ξc ≈ -0.35 whereas the softening regime was observed in stages involving cyclic 

loads of ξc ≈ -0.25. The regimes are discussed in the following sections.  

 

5.5.2 Stiffening Regime 

5.5.2.1 ξc ≈ 0 

The monopile was observed to experience stiffening (with both marginal rotation and 

marginal actuator displacement decreasing) when the monopile was subjected to 

cyclic loads of ξc ≈ 0. Similar to Kirkwood and Haigh (2014), Mzero was obser

build up with increasing cycles, suggesting that locked in stresses increase with 

increasing cycles. An example of this can be seen in Figure 5.11. Across some of the 

cyclic load stages of ξc ≈ 0, two distinct log slopes were observed, one within th

100 cycles and another beyond 100 cycles. The stiffening rates in the first 100 cycles 

were observed to be lower than the stiffening rates beyond 100 cycles. 
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Figure 5.11   OWF 08 Stage 4 ξb = 0.57, ξc = 0.10 (a) Prototype Scale Bendi
Moment at Zero Load (b) Prototype Rotational Stiffness 
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Figure 5.12   OWF 08 Stage 3 ξb = 0.41, ξc = 0.05 p-y Curve above Rotation Point 
Stiffness Quantification 

 

During the stiffening regime, the p-y curves above the rotation depth were observed to 

stiffen. This can be seen by the example in Figure 5.12. Relative to the first cycle, the 

p-y curves above the rotation point were observed to stiffen at the same rate and ratio. 

Though stiffening takes place above the rotation point, the p-y curves below the 

tation point were observed to experience softening. This can be seen in the example 

ilar to the p-y curves above the rotation point, the p-y curves below 

ro

of Figure 5.13. Sim

the rotation point soften at similar rates and ratio. With the p-y curves stiffening 

across 70% of the pile length, the net effect is stiffening. This corresponds to the 

observed increase in secant stiffness with increasing cycles. Relative to Figure 5.11(b), 

the p-y curves similarly stiffen at a lower log slope in the first 100 cycles and stiffen at 

a higher log slope beyond 100 cycles. 
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Figure 5.13   OWF 08 Stage 3 ξb = 0.41, ξc = 0.05 p-y Curve below Rotation Point 
Stiffness Quantification 

 

The general pore pressure behaviour for ξc ≈ 0 is similar to the example shown in 

Figure 5.14. When the monopile is loaded in the positive direc on, positive excess 

pore pressures are initially generated at pore 

ressures Critical 

tate Soil Mechanics theory in the previous section. However, the excess pore 

ti

locations 1 and 2 while negative 

p  are initially generated at locations 3 and 4. This is in line with the 

S

pressure behaviour at locations 1 and 2 as compared to locations 3 and 4 are distinct 

from each other. At locations 1 and 2, the positive excess pressures are greater in 

magnitude relative to the negative excess pressures. However, with increasing cycles, 

positive excess pore pressures decrease while negative excess pore pressures increase. 

Beyond 100 cycles, the logarithmic rate of the behaviour increases. Relative to Figure 

5.12, the excess pore pressure behaviour corresponds to the stiffening behaviour of 

the p-y curves above the rotation point. 
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At locations 3 and 4, negative excess pore pressures are initially greater in magnitude 

than the positive excess pore pressures. Within the first 100 cycles, negative excess 

pore pressures decrease and positive excess pore pressures increase. However, beyond 

100 cycles, the excess pore pressure behaviour changes significantly with the negative 

excess pore pressures increasing and positive excess pore pressure decreasing with 

increasing cycles. 

 

The negative excess pore pressure trend on the passive side at locations 1 and 2 is 

similar to the o re 2.34) 

w  

under undrained cyclic loading. This o  was markedly different compared to 

verconsolidated VNP clay with OCR < 4 that produced greater positive 

excess pore pressures following the first few cycles that generated small suctions. The 

difference in excess pore pressure behaviour between the lightly overconsolidated and 

heavily overconsolidated soils is most likely due to the difference in shear behaviour. 

High OC clays have a tendency to dilate. As a result, under undrained conditions with 

zero volume change, negative excess pore pressure is produced. Considering that the 

experimental observations are similar to Dobry and Vucetic (1987), it is likely that the 

negative excess pore pressure trend is linked to the heavily overconsolidated state of 

the soil above the rotation point where OCR ≥ 4. With dilation and hence reducing 

pore pressure, the tation point eriences 

s

ow negative excess pore pressures. Since the soil 

result, the soil below the rotation point progressively softens with cyclic loading. 

bservations made by Dobry and Vucetic (1987) (shown in Figu

ho observed VNP clay with an OCR = 4 developing negative excess pore pressures

bservation

the lightly o

 the soil above ro  on the passive side exp

tiffening, as seen by the stiffening of the p-y curves above the rotation point.  

 

Since pore pressure measurements were not taken below rotation point on the passive 

side, a hypothesis can only be made regarding the excess pore pressure behaviour. 

According to the p-y curves of Figure 5.13, the soil below the rotation point on the 

passive side experiences softening throughout cyclic loading. This softening is most 

likely due to the excess pore pressures. As in Figure 2.34, Dobry and Vucetic (1987) 

observed that lightly overconsolidated VNP clay with OCR < 4 developed 

increasingly greater positive excess pore pressures with increasing cycles following 

the first few cycles that generated l

below the rotation point is lightly overconsolidated with OCR < 4, it is likely that 

positive excess pore pressures developed and increased with increasing cycles. As a 
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The excess pore pressure behaviour also contributes to the distinct log slopes of the 

first 100 cycles and beyond 100 cycles. This can be seen by comparing the excess 

pore pressure behaviour of Figure 5.14 with the secant stiffness curve of Figure 

5.11(b). In the first 100 cycles, the log slope is lower due to the low generation rate of 

negative excess pore pressures at locations 1 and 2 and the softening effects of the 

increasing positive excess pore pressures at locations 3 and 4. However, beyond 100 

cycles, greater negative excess pore pressures are developed across the monopile, 

contributing to the greater stiffening rate.  

 

In OWF 09 involving the 7.62 m diameter monopile, a slight difference was observed 

in the excess pore pressure behaviour at location 3 for stages 2 and 3 as shown in 

Figure 5.15.  

 

Though this is most likely to be the case, it is necessary to carry out experiments with 

a PPT placed on the passive side below the rotation point to confirm that the lightly 

overconsolidated state of the soil below the rotation point on the passive side is 

contributing to the positive excess pore pressure behaviour. 

   
ξc = 0.03 

on with Horizontal Force 

ected to rotate at depth. 

tal 

res. 

(a) Stage 2 ξb = 0.11, ξc = -0.02   (b) Stage 3 ξb = 0.28, 
Figure 5.15   OWF 09 Location 1 to 3 Excess Pore Comparis
 

Initially when the monopile is loaded, the monopile is exp

This causes the soil below the rotation point to experience a decrease in horizon

stresses, which in turn should initially produce negative excess pore water pressu
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However, in stages 2 and 3, an initial positive excess pore water pressure is developed 

in the first cycle as shown in Figure 5.15. Despite the initial positive excess pore 

water pressure, negative excess pore pressure is generated in the following cycles 

when the monopile is loaded to peak load. Based on Figure 5.15, it is suggested that 

the monopile in stages 2 and 3 experienced a transition of behaviour from flexing at 

depth (which caused compression of the soil at location 3) to rotating at depth 

(causing reduction in horizontal stresses). Following the first cycle, the monopile 

rota  at depth with cyclic load. 

 

As shown in Figure 5.16, the excess pore pressure at location 3 remains positive at 

both peak load and zero load for most of the cyclic loading stage. This is most likely 

due to the rotation depth difference at peak load and zero load. As highlighted in 

Figure 5.5, the rotation depth at zero load is deeper relative to the rotation depth at 

peak load. In addition, both Figure 5.4 and Figure 5.6 strongly suggests that Fshear 

increases at an exponential power β of 0.1 which pulls the rotation depth deeper 

towards the pile toe. Considering that the 7.62 m monopile has a deeper rotation depth 

 monopile at peak load, it is very likely that the same applies at the 

point of zero load application. 

tes

than the 3.83 m
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Figure 5.16   OWF 09 Stage 3 ξb = 0.28, ξc = 0.03 Excess Pore Pressure Behaviour
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ero Load

 



With a much deeper rotation point at zero load, the soil at location 3 will experience a 

ntal stress of lower magnitudes relative to the 3.83 m monopile 

14, beyond 100 cycles, 

reater negative excess pore pressures are developed relative to the rate within the 

first 100 cycles, contributing to the higher stiffening rate.  

 

In summary, the bending moment curves, the secant stiffness curves, the p-y curves 

and the excess pore pressure curves are consistent with each other. Based on the 

curves, it is likely that changes in locked in stress cond ns (which affect the soil 

stress conditions) and the OCR of the soil dictate the excess pore pressure behaviour 

of the soil which in turn dictates the cyclic stiffness behaviour of the monopile. For 

cyclic loads of ξc ≈ 0 in overconsolidated clay, the resultant behaviour is stiffening 

with increasing cycles. 

 

5.5.2.2 ξc ≈ -0.

he monopile was also observed to experience stiffening (with both marginal rotation 

decrease in horizo

while the rotation depth travels upwards when the monopile is loaded. This in turn 

causes lower magnitude negative excess pore pressures to be developed relative to the 

3.83 m monopile. Though the rotation depth travels deeper when unloaded, the 

positive excess pore pressure generated is greater in magnitude relative to the negative 

excess pore pressures. As a result, the excess pore pressures at location 3 remains 

positive well throughout the cyclic loading stage. 

 

Despite the difference in excess pore pressure behaviour at location 3, the 7.62 m 

monopile exhibited stiffening behaviour similar to the behaviour observed for the 

3.83 m monopile experiments of Figure 5.11(b). Therefore, this suggests that the 

slight difference in excess pore pressure behaviour at location 3 had little influence on 

the resulting cyclic stiffness behaviour. Similar to Figure 5.

g

itio

35 

T

and marginal actuator displacement decreasing) in stages 3 and stage 6 of OWF 07 

and OWF 09 respectively where cyclic loads in the reverse direction of ξc ≈ -0.35 and 

-0.39 were applied. Though loading was applied in the reverse direction, Mzero and k 

were observed to continuously increase logarithmically with increasing cycles instead 

of decreasing. Figure 5.17 shows Mzero and k of OWF 07 stage 3 while Figure 5.18 

shows k of OWF 09 stage 6.  
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Figure 5.17   OW b = 0.28, ξc = -0.35 
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Figure 5.18   OWF 09 Stage 6 ξb = 0.40, ξc = -0.39 Secant Stiffness  
 

 



Similar to ξc ≈ 0, two distinct log slopes were observed, one within the first 100 

cycles and another beyond 100 cycles. However, the log slope in the first 100 cycles 

was observed to be higher than the log slope beyond 100 cycles. Due to the high noise 

to signal ratio of the MEMs, the trend was not clear in Figure 5.17(b). However, the 

trend was more distinct when k was evaluated with respect to marginal actuator 

displacement. The same trend was observed in OWF 09 stage 6 when k was evaluated 

with respect to marginal rotation and actuator displacement as can be seen in Figure 

5.18, reinforcing that the log slope beyond 100 cycles is lower relative to the first 100 

cycles. On average, the log slope beyond 100 cycles is 67% of the log slope in the 

first 100 cycles. 

 

 
Figu

ere

re 5.19   OWF 07 Stage 2 ξb = 0.16, ξc = 0.06 Bending Moment at Zero Load 

 

Figure 5.19 shows the bending moment at zero load of OWF 07 stage 2. Comparison 

between Figure 5.19 and Figure 5.17(a) suggests that the locked in stresses from stage 

2 w  completely destroyed by the first cycle of ξc ≈ -0.35. However, with increasing 

cycles, Mzero increases, indicating that stresses are being locked in. 

 

Figure 5.20 and Figure 5.21 show the change in p-y curve stiffness above and below 

the rotation point of OWF 07 stage 3. Similar to the behaviour of Figure 5.12, the p-y 

curves above the rotation point increase in stiffness at similar rates and ratios. Similar 

to the secant stiffness curves of Figure 5.17 and Figure 5.18, the log slope beyond 100 

cycles is less than the log slope in the first 100 cycles. Figure 5.21 suggests that the 

stiffness of the p-y curves below the rotation point is relatively stable throughout the 

stage. Since bending moment data is limited to OWF 07 stage 3, it is recommended 
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that more experiments be carried out to verify the change in p-y curve stiffness below 

the rotation point. 
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Figure 5.20   OWF 07 Stage 3 ξb = 0.28, ξc = -0.35 p-y Curve above Rotation Point 
Stiffness  
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Figure 5.21   OWF 07 Stage 3 ξb = 0.28, ξc = -0.35 p-y Curve below Rotation Point 

isplayed in Figure 5.22 is fairly similar at locations 1 to 3. The 

tion 4 is quite different relative to Figure 5.14 as both positive excess 

res reduce and negative excess pore pressures increase throughout the 

ing stage.  However, at location 2, the log rate of negative excess pore 

rops beyond 100 cycles, contributing to the reduced stiffening 

rate seen in Figure 5.17(b) and (c). 

Stiffness  
 

Figure 5.22 and Figure 5.23 show the excess pore pressures of OWF 07 stage 3 and 

OWF 09 stage 6 respectively. Relative to Figure 5.14 for ξc ≈ 0, the excess pore 

pressure behaviour d

behaviour at loca

pore pressu

cyclic load

pressure generation d
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The excess pore pressure behaviour of OWF 09 stage 6 of Figure 5.23 is similar to 

eyond 100 cycles is most likely due to the reduced log rate of 

egative excess pore pressures at locations 1 and 4. 

 

Considering the differences in bending moments at zero load, cyclic stiffness 

behaviour, p-y curve cyclic stiffness, and excess pore pressure behaviour between 

cyclic loads of ξc ≈ 0 and ξc ≈ -0.35, the results for ξc ≈ -0.35 cyclic loading suggests 

that cyclic loads of different characteristics can influence the cyclic stiffness 

behaviour of the monopile. This is because cyclic loads of different characteristics 

will  influence the locked in stress conditions differently, causing changes in soil 

stress conditions that in turn influence the excess pore pressure behaviour. This in turn 

would affect the resulting cyclic stiffness behaviour. Though  e cess pore pressure 

 in 

Figure 5.21 suggests that both positive and negative excess pore pressures were 

relatively constant. However, since only one data set is available, it is not possible to 

draw a strong conclusion on the effects of ξc ≈ -0.35 cyclic loads on both p-y curve 

stiffness and excess pore pressure behaviour for depths below the rotation point. 

Therefore, more experiments involving ξc ≈ -0.35 with measurements below the 

rotation point on both sides of the monopile should be carried out to verify this. 

that of OWF 07 stage 3 in Figure 5.22. However, the reduced log rate of negative 

excess pore pressure beyond 100 cycles is a lot more distinct at locations 1 and 4 

relative to the measurements in Figure 5.22. Based on the behaviour in Figure 5.18, 

the reduced log slope b

n

 no x

measurements were made opposite of location 3, the p-y curve stiffness measured
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Figure 5.22   OWF 0 cess Pore7 Stage 3 ξb = 0.28, ξc = -0.35 Ex  Pressure Behaviour 
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gure  re Behaviour Fi  5.23   OWF 09 Stage 6 ξb = 0.40, ξc = -0.39 Excess Pore Pressu
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5.5.3 Softening Regime   

5.5.3.1 ξc ≈ -0.25 

Softening took place in stage 5 of experiments OWF 07 to OWF 09 involving cyclic 

loads of ξc ≈ -0.25 (1.25-way loading). As shown in Figure 5.24, Mzero was observed 

to decrease in the first 100 cycles, suggesting that locked in stresses are being 

progressively destroyed by the load in the reverse direction. This is quite different 

from the behaviour observed in the previous section for ξc ≈ -0.35 where locked in 

tresses appear to be completely destroyed in the first cycle. Beyond 100 cycles, Mzero 

starts to increase slowly. The change in k also corresponds to the changes in 

accumulated bending moments in which k drops rapidly in the first 100 cycles. In 

OWF 09, k was observed to significantly drop to 50% of the initial stiffness. 

According to Kirkwood and Haigh (2014), the reduction in k is most likely due to the 

reduction or destruction of locked in stresses when load is applied to the pile head in 

the reverse direction. Beyond 100 cycles, k increases slowly.  
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         (a)            (b) 

Figure 5.24   OWF 08 Stage 5 ξb = 0.62, ξc = -0.25 (a) Prototype Scale Bending 
Moment at Zero Load (b) Prototype Rotational Stiffness 

 

The change in p-y curve stiffness above and below the rotation point is shown in 

Fig in 

tiffness similar to the reduction in secant stiffness seen in Figure 5.24(b). Beyond 

ure 5.25 and 5.26 respectively. The p-y curves above the rotation point reduce 

s

100 cycles, the p-y curves slowly increase in stiffness. The p-y curves below the 

rotation point behaves similarly to the p-y curves of  Figure 5.21 for OWF 07 stage 3 

involving ξc ≈ -0.35 cyclic loads and do not experience a significant change in 

stiffness throughout the cyclic loading stage. 

 172



15

20

25

30

 S
lo

pe
 (M

N
/m

2 )

0

5

1 10 100 1000

Cycle

10

Li
ne

ar
2m
4m
6m

0.3

0.4

R
at

io
 

0.5

0.6

0.7

0.8

0.9

1

to
 1

st
 C

yc
le

2m
4m
6m

0

0.1

0.2

1 10 100 1000
Cycle   

(a) Linear Slope       (b) Linear Slope Ratio 
Figure 5.25   OWF 08 Stage 5 ξb = 0.62, ξc = -0.25 p-y Curve above Rotation Point 

Stiffness  
 

0

10

20

30

40

50

60

Li
ar

 S
lo

pe
 (M

N
/m

2 )

1 10 100 1000
Cycle

ne

16m
18m
20m

  

0

0.2

0.4

0.6

0.8

1

1.2

1.4

1.6

1.8

2
R

at
io

 to
 1

st
 C

yc
le

1 10 100 1000
Cycle

16m
18m
20m

 
(a) Linear Slope       (b) Linear Slope Ratio 

Figure 5.26   OWF 08 Stage 5 ξb = 0.62, ξc 0.25 p-y Curve below Rotation Point 
Stiffness  

 

 = -

n example of the excess pore pressure behaviour observed for stages involving 

cyclic loads of ξc ≈ -0.25 is shown in Figure 5.27 for OWF 08 stage 5. Relative to 

F  

e

ative excess pore pressures slowly increase. A similar pattern is 

seen at location 3. At location 4, the positive and negative excess pore pressures 

remain relatively constant and equal in magnitude throughout the loading stage. 

A

igure 5.14 for ξc ≈ 0 and Figure 5.22 for ξc ≈ -0.35, the excess pore pressure

behaviour is significantly different. At location 1, the positive excess pore pressure at 

peak load maintains relatively constant whereas the negative excess pore pressures at 

the trough load reduce in magnitude in the first 100 cycles. Beyond 100 cycles, the 

negative excess pore pressures at the trough load slowly increase in magnitude. At 

location 2, positive exc ss pore pressures increase and negative excess pore pressures 

reduce in the first 100 cycles. Beyond 100 cycles, positive excess pore pressures 

slowly reduce and neg
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Ba on the s pore pres ehaviour, the greater positive excess pore 

pressures generated at locations 1  in the first 1 cles during the progressive 

destruction

(b). After the destruction of the locked in stresses by the 100th cycle, 

stresses start to lock ve excess 

pore pres t locations u tin the tiffening 

of the sys imilar to what was reported r s or .35, the 

p-y curves experienced lit ge in stiffness. Since no m e re made 

below the ion point o pposite sid c  n ggested 

that the ss pore 

ressures to remain fairly constant. To verify this, experiments involving ξc ≈ -0.25 

 soil stress 

onditions which resultantly affect the excess pore pressure behaviour. Changes in 

our. These factors will be discussed in the 

llowing section. 

 

 

 

 

sed exces sure b

 and 2 00 cy

 of locked in stress contributed to the reduction in secant stiffness shown in 

Figure 5.24

 i ith increasingnto the system w  cycles, causing ne igat

sures a  1 and 2 to slowly build p, resul g in  slow s

 ξc ≈ -0tem. S  in the p evious ection f

tle chan easurem nts we

 rotat n the o e of lo ation 3, it can o ly be su

changes in stress conditions caused both positive and negative exce

p

with measurements below the rotation point on both sides of the monopile can be 

carried out. 

 

Considering the significant difference in behaviour relative to ξc ≈ 0 and ξc ≈ -0.35, 

the results reinforce that cyclic loads of different characteristics can influence the 

cyclic stiffness behaviour of the monopile quite significantly as it can significantly  

influence the locked in stress conditions. This in turn changes the

c

excess pore pressure behaviour dictate the resulting cyclic stiffness behaviour. In the 

experiments carried out, the change was significant enough to cause significant 

softening in only 100 cycles instead of stiffening as observed in the stages involving 

ξc ≈ 0 and ξc ≈ -0.35 cyclic loads. 

 

Despite the differences in cyclic stiffness behaviours observed for the different ξc 

tested, the results do not conclusively show that the resulting cyclic stiffness 

behaviour is solely dependent on ξc. Instead, there are other factors that contribute to 

the resulting cyclic stiffness behavi

fo
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5.5.4 Factors and Conditions to Stiffening & Softening Regimes 

To investigate the factors governing whether the monopile stiffens or softens, a 

comparison of the soil reaction curves at trough load was carried out between stage 4 

for ξc = 0, stage 5 for ξc = -0.24, and stage 3 for ξc = -0.35 of experiment OWF 07 as 

shown in Figure 5.28.  

 

     
           (a) Stage 4 ξb = 0.49, ξc = -0.01          (b) Stage 5 ξb = 0.61, ξc = -0.24 

 
  (c) Stage 3 ξb = 0.28, ξc = -0.35 

Figure 5.28   OWF 07 Soil Reaction at Trough for Different Stages 
 

Similar to the behaviour of moment building up as in Figure 5.11(a) of section 5.5.2.1, 

Figure 5.28(a) for ξc ≈ 0 shows similar behaviour with the soil reaction, p at 

trough/zero load building up throughout the monopile with increasing cycles, 

indicating the accumulation of locked in stresses. In Figure 5.28(b), cyclic loads of 

ξc = -0.24 causes a progressive reduction in p throughout the monopile in the first 100 

cycles, indicating that locked in stresses are being progressively destroyed. Based on 

the graph, the progressive destruction of locked in stress is initiated by the reversal of 
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soil reaction above the rotation point due to loading in the reverse direction. However, 

beyond 100 cycles, p starts to increase and build up towards the forward loading side, 

indicating that stresses are gradually being locked in after being substantially 

destroyed in the first 100 cycles. 

 

In Figure 5.28(c), the first cyclic load of ξc = -0.35 can be seen not only to cause soil 

reaction reversal above the rotation point but also a minor soil reaction reversal below 

the rotation point. However, as cycling progresses, resistance throughout the monopile 

depth progressively builds up. This suggests that soil reaction reversal throughout the 

whole monopile caused either substantial or complete destruction of locked in stresses 

in the system. With zero or little locked in stresses, the monopile system can only 

proceed to lock in stress with cyclic loading, causing an increase in the system’s 

stiffness.  

 

To confirm this, the soil reaction curves of OWF 08 stage 7 were reviewed as shown 

in Figure 5.29. In stage 7, after a monotonic push was carried out in the forward 

direction, a monotonic push was carried out in the reverse direction. Based on Figure 

5.29, a slight soil reversal takes place below the rotation point and the lateral 

resistance at the pile toe is brought to zero when the reverse loading is 38.7% of the 

load magnitude in the forward direction. Beyond this magnitude, soil reaction reversal 

at the pile toe takes place. Based on the results, it can be suggested that a reverse load 

with a magnitude of at least 40% of the load magnitude in the forward direction will 

cause soil reaction reversal below the rotation point. 

 

 
Figure 5.29   OWF 08 Stage 7 Monotonic Soil Reaction 
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   (a) Peak Load              (b) Zero Load 

Figure 5.30   OWF 07 Soil Reaction Change at 12m Depth 
 

The role that locked in stress plays in the monopile’s cyclic behaviour can be seen in 

Figure 5.30, showing an example of how the soil reaction changes as a result of the 

effect of locked in stresses. As can be seen from Figure 5.30(a), the peak soil reaction 

increases as the experiment proceeds from one stage to the next. In addition, the peak 

soil reaction remains relatively constant. This is to be expected as the peak load 

increases from one stage to the next. At time of zero load, the soil reaction in stage 2 

increases with a rate that decreases with increasing cycles, corresponding to the 

behaviour that one would expect for cyclic loads of ξc ≈ 0. In stage 3 where ξc = -0.35, 

the locked in stresses from stage 2 are completely destroyed, as shown by the plunge 

in soil reaction at zero load at the beginning of stage 3. With zero locked in stresses, 

the system proceeds to accumulate stresses, stiffening the system. In stage 5 where 

ξc = -0.24, the destruction of locked in stress does not occur immediately and 

progresses during the first 100 cycles. Beyond 100 cycles, the soil reaction at zero 

load slowly builds up. In stage 6, stresses get locked in at a greater rate with ξc ≈ 0. 

 

Based on the results shown from Figures 5.28 to 5.30, accumulated locked in stresses 

from previous cyclic loads and the cyclic loads of different ξc that follow can cause 

significant changes to i itions which in turn influences the 

cyclic stiffness behaviour of the monopile. However, the results are not conclusive 

enough to show that ξc is the sole factor that dictates the monopile’s cyclic stiffness 

behaviour. Considering that locked in stresses play a role, it is highly likely that the 

maximum load magnitude relative to capacity, ξb plays a role in dictating the cyclic 

 the locked n stress cond
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stiffness behaviour. As shown in Table 5.2, ξb either increased with the progression of 

stages or was similar in magnitude to the ξb of the previous stage (henceforth referred 

to as ξb prv). Therefore, the stiffening and softening regimes observed for ξc ≈ -0.35 

and ξc ≈ -0.25 are limited to conditions where ξb ≥ ξb prv. Based on the results and the 

locked in stress conditions of the experiments, a flow chart was developed as shown 

in Figure 5.31 to summarise the possible range of cyclic load conditions that would 

lead to the stiffening and softening regimes. 

 

Figure 5.31   Cyclic Load Conditions Dictating Stiffening and Softening Regime 

 

Since stiffening was observed in both ξc ≈ -0.35 and ξc ≈ -0.25 after locked in stresses 

were destroyed, the results strongly suggest that stiffening would take place under 

zero locked in stress conditions regardless of ξc or ξb. However, the cyclic stiffness 

behaviour of the monopile under previously accumulated locked in stress conditions is 
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dependent on ξc and ξb relative to ξb prv. Since stiffening was observed for ξc ≈ 0 

regardless of ξb , since no load reversal takes place for ξc > 0 and since it is unlikely 

that significant load reversal will take place above the rotation point for ξc > -0.15, it 

was postulated that stiffening would take place under -0.15 < ξc < 1 regardless of ξb.  

 

If ξb ≥ ξb prv cyclic loads are applied under previously locked in stress conditions, 

cyclic loads of -0.35 < ξc < -0.15 would most likely cause significant load reversal 

above the rotation point that would cause progressive destruction of the locked in 

stresses, leading to softening. However, if ξb < ξb prv, softening or stiffening may take 

place. In addition, the resulting behaviour is most likely to be dependent on the ratio 

of ξb relative to ξb prv. For cyclic loads of ξb ≥  ξb prv , ξc ≤ -0.35 cyclic loads will most 

likely cause soil reaction reversal above and below the rotation point, causing the 

complete destruction of locked in stresses. As a result, the system will proceed to 

accumulate locked in stresses with cyclic loading, causing stiffening. However, if 

ξb < ξb prv, softening or stiffening may take place and similarly, the resulting behaviour 

will most likely be dependent on the ratio of ξb relative to ξb prv.  

 

Since Figure 5.31 was developed based on the limited results, there are uncertainties 

over the exact ξc value that would cause the transition from stiffening to softening or 

from softening to stiffening with ξb ≥  ξb prv magnitude loads under previously 

accumulated stress conditions. These uncertainties are shown in Figure 5.32. 

 

 
Figure 5.32   Summarised Observations and ξc Uncertainty Range Dictating Cyclic 

Stiffness Regime for ξb ≥ ξb prv 
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Based on Figure 5.32, further research should be carried out to determine the exact ξc 

value that would cause the transition from stiffening to softening or from softening to 

stiffening with ξb ≥  ξb prv magnitude loads. In addition, further research should be 

carried out to determine the resulting cyclic stiffness behaviour from reverse cyclic 

loading with ξb < ξb prv magnitudes under previously accumulated locked in stress 

conditions and determine how the resulting behaviour is dependent on the magnitude 

of ξb relative to ξb prv. 

 

5.6 Estimating Cyclic Stiffness 

5.6.1 Secant Stiffness over p-y Curve Stiffness 

As mentioned in section 5.5.1, there are two ways to quantify the change in cyclic 

stiffness; firstly, changes in monopile secant stiffness, k and secondly, changes in p-y 

curve stiffness. Though it is ideal to quantify the change in cyclic stiffness via the p-y 

curves, there may be limitations that make it unsuitable. To determine if 

quantification of the p-y curves was sufficient to model the cyclic stiffness change, an 

exercise was carried out with LPILE for a 3.83 m monopile in 500 kPa 

preconsolidated speswhite kaolin (similar to the conditions of experiment OWF 06) 

with zero vertical load.  

 

p-y Curves Stiffness Ratio Change for Depths Case 0 m to 14 m 16 m to 20 m 
1 1.5 0.6 
2 2.0 0.6 
3 2.5 0.6 
4 0.5 1.0 

Table 5.4   LPILE p-y Curve Stiffness Change Study Cases 

 

Four cases were considered as detailed in Table 5.4. Cases 1, 2, and 3 simulate the 

stiffness change observed in ξc ≈ 0 of OWF 07 stage 4, OWF 07 stage 2 and OWF 08 

stage 6 respectively whereas case 4 simulates the stiffness change for ξc ≈ -0.25 of 

OWF 07 stage 5. The stiffness ratios from the experimental stages mentioned can be 

seen in Table 5.5. To evaluate the appropriateness of quantifying the p-y curve 

stiffness change, the rotation depths of cases 1 to 4 were compared to the non-

modified case. The rotation depth difference to the non-modified case is summarised 

in Table 5.6. 
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Final Stiffness Ratio Relative to First Cycle at Stage Depth 
(m) OWF 07 Stage 

2 (ξc = 0.06) 
OWF 07 Stage 
4 (ξc = -0.01) 

OWF 07 Stage 5 
(ξc = -0.24) 

OWF 08 Stage 6 
(ξc = -0.09) 

2 2.00 1.5 0.46 2.00 
4 2.35 1.66 0.46 2.30 
6 1.59 1.73 0.40 2.50 
8 NA 1.73 0.36 NA 
10 NA 1.60 0.36 NA 
12 0.23 NA 0.35 NA 
14 0.57 NA 0.47 NA 
16 NA NA NA 0.84 
18 NA 0.60 1.00 0.63 
20 NA 0.50 1.00 0.64 

Table 5.5   p-y Curve Final Stiffness Ratio Relative to First Cycle 

 

Rotation Depth (m) Rotation Depth of Case (m) ξb Non-modified 1 2 3 4 
0.14 12.28 11.51 11.13 NA 13.78 
0.17 12.92 12.10 11.65 11.34 14.33 
0.20 13.57 12.72 12.29 11.95 14.69 
0.25 14.02 13.23 12.86 12.56 14.85 
0.33 14.22 13.49 13.19 12.99 14.93 
0.50 14.26 13.52 13.34 13.11 14.87 

Table 5.6   LPILE Rotation Depth Comparison between Study Cases 

 

It can be seen that cases 1 to 3 display a shallower rotation depth compared to the 

non-modified case while case 4 has a deeper rotation depth. This is to be expected as 

an increase of stiffness above the rotation point will pull the rotation depth towards 

the mudline. In case 4, since the p-y curves below the rotation point are relatively 

stiffer than the p-y curves above the rotation point, the rotation point is pulled deeper 

towards the pile toe. The effect of p-y curve stiffness change on rotation depth can be 

quite significant, as shown by the values for both cases 3 and 4. 

 

LPILE estimates indicate that rotation depth should change in correspondence to the 

change in stiffness of the p-y curves along the monopile. However, the rotation depth 

at peak load extracted from the soil reaction curves do not agree. As reported in Table 

5.7, besides OWF 08 Stage 5 that experiences a deeper rotation depth as a result of the 

weakening of the p-y curves above the rotation point and OWF 07 stage 2 that 

experiences a deeper rotation depth instead of a shallower rotation depth as predicted 

by LPILE, the rotation depth of the other experimental stages do not experience 
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changes in rotation depth of the magnitudes reported in Table 5.6 and is very stable 

within the same cyclic loading stage.  

 

Experiment Rotation Depth (m) at Cycle 
OWF 06 1st 100th Final 

Stage 2 (ξb = 0.12, ξc = -0.09) 12.65 13.00 13.10 
Stage 3 (ξb = 0.25, ξc = -0.03) 13.10 13.50 13.60 

OWF 07  
Stage 2 (ξb = 0.16, ξc = 0.06) 11.55 12.50 12.70 
Stage 3 (ξb = 0.28, ξc = -0.35) 14.32 14.45 14.30 
Stage 4 (ξb = 0.49, ξc = 0.01) 14.77 14.9 14.83 
Stage 5 (ξb = 0.61, ξc = -0.24) 14.74 14.78 14.75 
Stage 6 (ξb = 0.83, ξc = 0.08) 14.81 14.73 14.74 

OWF 08  
Stage 2 (ξb = 0.16, ξc = 0.01) 13.20 13.70 13.70 
Stage 3 (ξb = 0.41, ξc = 0.05) 14.80 14.74 14.65 
Stage 4 (ξb = 0.57, ξc = 0.10) 14.74 14.84 14.80 
Stage 5 (ξb = 0.62, ξc = -0.25) 14.67 15.10 15.22 
Stage 6 (ξb = 0.72, ξc = -0.09) 15.15 15.08 15.04 

Table 5.7   Rotation Depth at Peak Load from Experiment Soil Reaction Curves 

 

Based on the results of the exercise, it was determined that the quantification of p-y 

curve stiffness from cyclic loading via LPILE was unsuitable. This is most likely due 

to the limitations of LPILE as it is not able to capture the changes in locked in stresses 

and how the soil reaction changes with respect to the changes in locked in stresses. 

Considering that quantification of the p-y curve stiffness change is insufficient to 

capture the cyclic rotational depth behaviour and considering the unavailability of p-y 

curve stiffness data for the 7.62 m monopile of OWF 09, a method to estimate cyclic 

stiffness was developed based on monopile secant stiffness, k. 

 

5.6.2 Estimating Cyclic Stiffness of Stiffening Regime 

According to the model cyclic tests of LeBlanc et al. (2010b) in sand, the variation of 

secant stiffness for a monopile in sand due to cyclic loading can be estimated as below:  

 

k̃N = k̃o + Akln(N) (5.9)
 

where k̃N is the dimensionless pile stiffness at the N th cycle, k̃o is the dimensionless 

first cycle pile stiffness, and Ak is a dimensionless constant. To determine k̃o,  
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k̃o = Kb(ξb)Kc(ξc) (5.10)
 

where Kb and Kc are dimensionless functions dependent on cyclic load characteristic 

and sand relative density. Review of LeBlanc et al. (2010b) suggests that the work 

was carried out under zero locked in stress conditions and does not take into 

consideration the effect of locked in stress. Though not specifically mentioned in 

LeBlanc et al. (2010b) whether the experiments were carried out separately from each 

other (instead of successive stages), the recommendations and results suggest that the 

experiments were carried out under zero locked in stress conditions. Although the 

experiments of LeBlanc et al. (2010b) use sand rather than clay as described here, the 

experiments of Kirkwood and Haigh (2014) also show substantial effects of locked-in 

stresses in sand. 

 

To determine k̃o , Kb and Kc have to be determined based on Figure 5.33. Based on the 

figure, it can be implied that Kc was determined relative to k̃o of ξc = 0. However, in 

order to ensure that Kc can be accurately determined without it being affected by other 

factors, the cyclic experiments have to be done separately from each other.  

 

 
Figure 5.33   Values of Kb and Kc as a Function of Relative Density, Rd, and the 
Characteristics of the Cyclic Load in terms of ξb and ξc (LeBlanc et al., 2010b) 

 

This can also be seen in Figure 5.34 that shows that Kc was calculated relative to the 

stiffness of ξc = 0, which is only possible when the experiments are done separately 

under zero locked in stress conditions. Based on the information available, LeBlanc et 

al.’s  (2010b) recommendation is most likely valid under zero locked in stress 

conditions, which may not be true in practice owing to the varying nature of pile 

loading. 
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Figure 5.34   Measured Non-Dimensional Stiffness Results of LeBlanc et al. (2010b) 

 

Despite the differences in locked in stress conditions, since secant stiffness was 

observed to increase logarithmically with number of cycles as shown in Figures 

5.11(b) and 5.17(b), it was determined that cyclic stiffness be quantified similarly to 

equation (5.9). However, since the tests were carried out in succession with changing 

locked in stress conditions and the tests were not as extensive as LeBlanc et 

al. (2010b), it is not possible to estimate the first cycle stiffness as in equation (5.10).  

 

According to equation (5.9), k̃ N increases at constant dimensionless rate of Ak of 8.02 

that is “independent of both relative density and load characteristic” (LeBlanc et al., 

2010b). According to LeBlanc et al. (2010b), non-dimensional stiffness, k̃ is: 

 

k̃ 
'5 γapDL

k
=  (5.11)

 

where L is pile embedded length, D is pile diameter, pa is atmospheric pressure, and γ' 

is effective unit weight. Based on the equation, k is linearly dependent on both L and 

D. If one were to keep L constant but double D, k̃ would double, which is within 

expectations. Based on equations (5.9) and (5.11), this would also in turn double the 
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rate of stiffness increase. However, based on the logarithmic fits of Figure 5.35, the 

rate of stiffness increase in experiment OWF 09 for D = 7.62 m is 7 to 38 times 

greater than the rate of stiffness increase observed in experiment OWF 06 stage 3 

where D is 3.83 m. Therefore the rate of stiffness increase for monopiles in clay is not 

as straightforward as what is suggested by LeBlanc et al. (2010b) and it is most likely 

that the suggestion by LeBlanc et al. (2010b) is limited to monopiles in sands. 

 

 
(a) OWF 06 to OWF 08 (D = 3.83m) 
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(b) OWF 09 (D = 7.62m) 

Figure 5.35   Secant Stiffness Logarithmic Fits of Cyclic Experiments 
 

To determine if stiffness rate increase, Ak was dependent on strain, stage 2 and stage 3 

marginal actuator displacements for experiments OWF 06 and OWF 09 were 

compared to each other as these stages had similar ξb and ξc values. In addition, the 

soil in both experiments was pre-consolidated to 500 kPa. Marginal strain, ∆εpile was 
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calculated by dividing the actuator displacement, ∆yact, by pile diameter, D using 

equation (5.12) and compared to each other as in Figure 5.36. 

 

D
yact

pile
∆

=∆ε  (5.12)

 

Figure 5.36 confirms that for the same ξb and for the same ξc, the initial k of the 

7.62 m monopile is twice that of the 3.83 m monopile as suggested by equation (5.11). 

However, with increasing cycles, k of the 7.62 m monopile increases at a greater rate 

than the 3.83 m monopile, achieving a stiffness that is 3 to 3.5 times greater than the 

3.83 m monopile after 1,000 cycles. Considering the change of ∆εpile of OWF 09 

relative to ∆εpile OWF 06 throughout cyclic loading, it is highly likely that Ak is a 

function of ∆εpile. 
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Figure 5.36   Marginal Strain Comparison between OWF 06 and OWF 09 

 

To quantify the rate of increase of stiffness relative to strain, stiffness was firstly 

quantified as follows: 

 

))ln(1( N
k
Akk

o

k
oN +=  (5.13)

 

where kN is monopile secant stiffness at the N th cycle and ko is the fitted monopile 

secant stiffness at 1st cycle. Stiffness was calculated by utilising both marginal 

rotation as in equation (5.2) and marginal actuator displacement, ∆yact to determine 

which of the two was a better method of quantifying cyclic stiffness change. After 

 187



quantifying stiffness, Ak/ko was then plotted against marginal rotation, ∆θ and ∆εpile of 

the third cycle as in Figure 5.37. It should be noted that due to 2D-actuator trouble, 

4.56 MN (i.e. ξb = 0.837) was applied prior to cyclic loading in OWF 09 stage 6. As a 

result, the system was significantly softened and compromised the stiffness data, 

producing an exceedingly high Ak/ko far outside of the value range of Figure 5.37. 

Therefore, data from OWF 09 stage 6 was not considered. A similar incident with the 

2D-actuator took place in OWF 07 stage 3 where four cycles of 0.82 MN (i.e. 

ξb = 0.404) of ξc = 0 were applied prior to the cyclic loads. Fortunately, as a result of 

the slightly larger load magnitude relative to the cyclic loads of ξb = 0.28 that 

followed, the system was not softened significantly and produced Ak/ko values that are 

close to the other data points. 
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Figure 5.37   Power Function Fitting to (a) Ak/ko vs. ∆εpile (b) Ak/ko vs. ∆θ 
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It is quite clear that the Ak/ko points of experiment OWF 09 are much higher relative 

to the points from experiment OWF 06 to OWF 08. In addition, vertical load was free 

to act in OWF 09. Therefore, it can be argued that the experimental points of OWF 09 

should be analysed separately from OWF 06 to OWF 08. However, if one were to 

consider the monopile-soil system as a simple spring system as in Figure 5.38, it is 

expected that the vertical load would reduce the rate of stiffness increase instead of 

increasing it as shown in Figure 5.37. Since this is not the case, it was decided that the 

data be analysed together. When put together, the data points strongly suggest that 

that the rate of stiffening, Ak with respect to the initial stiffness, ko is a function of the 

initial ∆εpile or the ∆θ. In addition, it suggests that Ak/ko decreases with increasing 

∆εpile and ∆θ. In normal space, the data points suggest the shape of a power function.  

 

Figure 5.38   Behaviour Comparison between Pile With and Without Vertical Load 

 

Before a function was fitted, the outliers were determined by calculating significance 

of correlation more commonly known as the p-value. According to Montgomery et 

al. (2004), the p-value is defined as “the smallest level of significance that would lead 

to a rejection of the null hypothesis”. According to Vardanega (2011), low p-values 

for a correlation provide strong evidence that there exists a correlation between the 

dependent and independent variable. The lower the p-value, the lower the probability 

that a similar regression with random sampling would result in a coefficient of 

determination R2 at least as large as observed. If the p-value for a regression is 0.001 

for an R2
 of 0.5, it means that there is a 1 in 1,000 chance that a similar regression 

with random sampling would result in an R2 value that is at least as large as 0.50, 

making the regression statistically significant. Therefore, regressions with much 
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higher p-values have lower statistic significance. The p-value criterion utilised to 

determine the outliers was that the p-value < 0.01. 

 

Using Student’s t-distribution, the test statistic tst is calculated as:  

 

21
2

r
nrtst

−

−×
=  (5.14)

 

where r is the square root of the coefficient correlation, R2
 which can vary from -1 to 1 

and n is the number of data points used in the regression. Once tst was calculated, the 

p-value was calculated using the TDIST function in Microsoft Excel that calculates 

the Student’s t-distribution. According to Miles and Barnyard (2007), the p-value is 

calculated in Microsoft Excel with the TDIST function as follows: 

 

p-value = tdist(tst, dof, tails)  (5.15)
 

where dof is the number of the degrees of freedom that is greater or equivalent to 1 

and tails is the number of tails for the distribution that must be either 1 (returning the 

one-tailed distribution) or 2 (returning the two-tailed distribution). Since a two-tailed 

distribution was utilised, dof = n – 2 and tails = 2. Utilising equations (5.14) and 

(5.15), the p-values for the fittings shown in Figure 5.35 were calculated. Based on 

the R2 values for OWF 06 stage 2 and OWF 07 stage 2, the resulting p-values were 

0.99 and 0.85 respectively. Since the p-values greatly exceeded 0.01, these fittings 

were considered as outliers, as shown in Figure 5.37. 

 

Both power fittings to Ak/ko vs. ∆εpile and ∆θ curves have coefficients of determination 

that are very similar to each other. Though it is preferable to select Ak/ko vs. ∆εpile that 

categorises strain with respect to diameter, D as compared to Ak/ko vs. ∆θ that 

categorises strain with respect to pile length, L, the Ak/ko vs. ∆θ fitting was selected 

for various reasons. Firstly, if Ak/ko vs. ∆εpile was selected, then ∆εpile would have to be 

redefined based on marginal mudline displacement. Though it is possible to 

accurately estimate the marginal mudline displacement of experiments OWF 06 to 

OWF 08 as soil reaction data is available in conjunction with both laser displacement 

and MEMs readings, it is however not possible for experiment OWF 09 as no bending 
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moment readings are available due to the failure of the strain gauges. In addition, the 

estimation of bending moments above the mudline to calculate displacements is not 

suitable as there are no bending moment readings to confirm the vertical load 

conditions above the mudline and any assumptions made would introduce 

inaccuracies. 

 

Another possible option to calculate the marginal mudline displacement is by 

assuming the pile is completely rigid with zero flexing. With this assumption, not 

only can rotation depth, drot be calculated utilising both laser & MEMs rotation 

measurements, the mudline displacement can also be trigonometrically calculated. 

However, there are issues that make this option unsuitable. As highlighted in Figure 

5.5, the rotation depth at zero load was observed to be deeper relative to the rotation 

depth at peak load. In addition, even though the rotation depth at peak load calculated 

from “soil reaction” and “Laser & MEMs” were similar, the rotation depth at zero 

load between these two methods were significantly different, highlighting the 

limitation of the laser & MEMs readings methodology to accurately calculate the 

rotation depth at zero load.  

 

Though soil reaction data is unavailable for OWF 09, marginal mudline displacement 

can be calculated by assuming the rotation depth remains constant from zero to peak 

load while utilising the peak load rotation depth from the laser and MEMs readings. 

However, this methodology will produce inaccurate estimates of k. An example is 

shown in Figure 5.39 that shows the difference between stiffness calculated with a 

changing rotation depth from zero load to peak load (taken from soil reaction) and a 

constant rotation depth which is taken at peak load. Marginal mudline displacement 

was calculated using the marginal laser readings 10 m above mudline. Even though 

the initial stiffness values are similar, the difference between both methods increases 

with increasing cycles, resulting in different Ak values that would significantly affect 

the validity of the Ak/ko vs. ∆εpile fitting. 

 

Considering the absence of bending moment curves to accurately estimate mudline 

displacement, the uncertainties of the vertical load condition and the inaccuracies that 

may be introduced by assuming the vertical load condition, and the inaccuracies 
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introduced by assuming a constant rotation depth (as shown in Figure 5.39), complete 

and accurate redefinition ∆εpile to mudline displacement for the Ak/ko vs. ∆εpile fitting 

cannot be done. Therefore, the Ak/ko vs. ∆θ fitting was selected. 
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Figure 5.39   OWF 08 Stage 4 ξb = 0.57, ξc = 0.10 Monopile Secant Stiffness from 

Mudline Displacement Comparison between Changing and Constant Rotation Depth 
 

To determine how accurate the Ak/ko vs. ∆θ fitting of Figure 5.37(b) was, the fitting 

was utilised to calculate Ak and then used in conjunction with equation (5.13) to 

estimate k. As shown in Figure 5.40, most of the load stages have a ko (fitted secant 

stiffness at cycle 1) that is equal or similar to the measured k at cycle 1. However, 

some of the experimental stages have a ko that is significantly higher than the 

measured k at cycle 1. ko was hence utilised instead of the measured k at cycle 1 as 

usage of ko produced much more accurate estimates that matched experimental 

observations. For consistency, ko was utilised throughout the comparisons.  
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Figure 5.40   Fitted Secant Stiffness and Measured Secant Stiffness at Cycle 1 
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Comparisons of the estimates, kequation with the experimental observations, kexperiment 

are shown in Figure 5.41. Comparison was not done with OWF 06 stage 2 and 

OWF 07 stage 2 as the data from these stages were determined as outliers as 

previously discussed. Since the cyclic experiments were not as extensive as those of 

LeBlanc et al. (2010b) and were carried out in succession instead of at zero locked in 

stress conditions, it is not possible to develop a methodology similar to equation of 

(5.10) of LeBlanc et al. (2010b) to estimate ko. Considering the limitations, accurate 

estimation of cyclic secant stiffness will require one to estimate ko from a monopile 

that has been subjected to at least a few cycles of cyclic load. In practice a prediction 

of behaviour during the first cycle of loading is almost irrelevant for a wind turbine, 

as lifetime behaviour will dominate performance (provided that the first cycle 

behaviour is not substantially weaker than subsequent behaviour). 
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Figure 5.41   Secant Stiffness Comparison between Equation Derived vs. Experiment
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As can be seen from Figure 5.41, k is accurately estimated by the usage of the Ak/ko vs. 

∆θ fitting of Figure 5.37(b) and compares very well despite the scatter observed in 

stage 2 due to the high noise to signal ratio. Therefore, the comparison suggests that 

the Ak/ko vs. ∆θ fitting of Figure 5.37(b) is valid and can be used in conjunction with 

equation (5.13) to accurately estimate k in the stiffening regime. However, the fitting 

is only valid for monopile-soil systems that have not been significantly softened. As 

mentioned earlier, the monopile-soil system was significantly softened in OWF 09 

stage 6 as a result of a 4.56 MN load applied prior to cyclic loading due to 2D-

actuator trouble. If the fitting is utilised to estimate stiffness change of OWF 09 stage 

6 as in Figure 5.42, the fitting would significantly underestimate k. This is due to the 

significant softening from the 4.56 MN load prior to cyclic loading. Based on the 

results, the fitting is only valid for monopile-soil systems that have not previously 

been significantly softened. It is hence only valid when the current loading pattern is 

the largest magnitude that the pile has experienced. 
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Figure 5.42   OWF 09 Stage 6 ξb = 0.40, ξc = -0.39 Secant Stiffness Comparison 

between Equation Derived vs. Experiment 
 

5.6.3 Estimating Cyclic Stiffness of Softening Regime 

As discussed in section 5.5.4, a range of reverse cyclic loads to a monopile-soil 

system that has previously accumulated locked in stresses will cause soil reaction 

reversal that destroys the locked in stresses within the first 100 cycles, softening the 

monopile-soil system. Once the stresses have been destroyed, the system will once 

again proceed to slowly lock in stresses and stiffen. Based on Table 5.2, only three 

stages of ξc ≈ -0.25 cyclic loads were carried out for a ξb = 0.61, 0.62, and 0.44. With 

limited data, it is not possible to develop a comprehensive and fully validated 
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methodology to estimate the rate of softening experienced by a monopile-soil system 

with previously accumulated stresses under different ξb values. However, considering 

the ξb values of the cyclic load stage 4, it is possible to compare the rate of stiffness 

change between stiffening and softening regime for similar ξb.  

 

Ak (MN/rad per ln (N)) at Stage 
5 Stage 5 Ak / Stage 4 Ak Experiment 4 1st 100 Beyond 100 1st 100 Beyond 100 

OWF 07 3.956 -11.213 0.815 -2.835 0.206 
OWF 08 5.320 -14.043 3.536 -2.640 0.665 
OWF 09 26.265 -80.404 32.694 -3.062 1.245 

Table 5.8   Ak Comparison between Stiffening and Softening Regimes for Similar ξb 

 

The comparison of Ak between stages 4 and 5 as in Table 5.8 suggests that for similar 

ξb, the monopile-soil system softens at a rate 2.6 to 3 times faster than the stiffening 

rate of the stiffening regime within the first 100 cycles. Though the extent of softening 

is limited to 100 cycles, the degree that it softens relative to the stiffness of the 1st 

cycle is quite substantial.  
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Figure 5.43   Stiffness Change Relative to 1st Cycle for Softening Regime 

 

As shown in Figure 5.43, the 3.83 m monopile-soil system softens by 25% to 30% 

while the 7.62 m monopile softens by 50%. Based on Table 5.8, beyond 100 cycles, 

the system starts to stiffen at an Ak that is substantially less or slightly bigger than Ak 

of the stiffening regime. Since the stiffening behaviour is logarithmic in nature, 

marginal stiffening beyond 100 cycles reduces with increasing cycles, causing the 

system to stiffen at an increasingly reduced rate. Assuming the system was to soften 
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substantially as seen in experiment OWF 09, it would take millions of cycles of 

sustained reverse loading for the stiffness of the system to be restored to its original 

stiffness. However, this is unlikely to be the case in the field as cyclic loading is 

varied in nature. In summary, the results suggest that reverse cyclic loading of the 

characteristics mentioned in section 5.5.4 on a monopile-soil system with previously 

accumulated locked-in stresses can be extremely detrimental as it can significantly 

soften the system and reduce the system’s natural frequency substantially. 

 

5.6.4 Recommendation to Estimate Cyclic Stiffness 

Based on the results, the following methodology is recommended to estimate the 

increase of k of monopile-soil systems due to the stiffening regime:  

 

1. Determine an appropriate ∆θo (radians) from zero load to peak load for the first 

cycle of cyclic load in question. This in turn will enable calculation of ko.  

 

2. Once an appropriate ∆θo has been determined, utilise equation (5.16) as below to 

determine the rate of stiffness increase, Ak with respect to ko. 

 
572.00008.0 −∆= o

o

k

k
A

θ  (5.16)

 

3. Once Ak/ko has been determined, estimate cyclic stiffness utilising the previously 

mentioned equation (5.13) 

 

))ln(1( N
k
Akk

o

k
oN +=  (5.13)

 

To estimate the softening rate, Ak soft due to the softening regime for cyclic loads with 

ξb ≥ ξb  prv on a system with previously accumulated locked in stresses, the following 

equation can be utilised: 

 

Ak soft = -ω.Ak (5.17)
 

where 2.6 ≤ ω ≤ 3.0. Once Ak soft has been calculated, the reduced stiffness in the first 

100 cycles can be calculated by substituting Ak of equation (5.13) with Ak soft. 
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5.7 Estimating Accumulated Rotations 
5.7.1 Estimating Accumulated Rotations in Stiffening Regime 

There are two ways to quantify accumulated rotations, exponentially as proposed by 

LeBlanc et al. (2010b) or logarithmically as proposed by Lin and Liao (1999). 

Exponential quantification of accumulated rotation was carried out to evaluate the 

suitability of this methodology. Based on LeBlanc et al.’s (2010b) model cyclic tests 

in sand, the accumulated rotation resulting from cyclic loading in sand can be 

quantified as: 

 

31.0).(),()( NTRTN
ccdbb

S

ξξ
θ
θ

=
∆  (5.18)

 

where ∆θ(N) is the N th cycle cumulative net rotation from the first cycle, θS is the 

static pile rotation as shown in Figure 5.44. Tb and Tc are dimensionless functions that 

are dependent on load characteristics and relative density as shown in Figure 5.45. M 

in Figure 5.44 refers to applied bending moment whereas Mmax and Mmin are the 

maximum and minimum applied bending moments respectively.  

 

 
Figure 5.44   Accumulated Rotation Definition (adapted from LeBlanc et al., 2010b) 

 

Based on Figure 5.45, accumulated rotation increases as ξb increases. This is expected 

as a greater load magnitude would induce greater displacements. In addition, for the 

same ξb, -0.9 < ξ c < 0 produces greater accumulated rotation relative to ξ c = 0. 
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Figure 5.45   Functions Relating Tb and Tc to Rd, ξb, and ξc (LeBlanc et al., 2010b) 

 

As in Table 5.2, cyclic tests of ξ c < 0 were very limited and not carried out at the 

same ξb. Therefore, it was not possible to fully verify LeBlanc et al.’s (2010b) finding 

and develop an equation that fully accounts for ξ c. As a result, general quantification 

of accumulated rotations due to the stiffening regime with respect to ξb was carried 

out. To determine if accumulated rotations could be quantified exponentially, 

accumulated rotations were quantified as:  

 

η

θ
θ NBN

o

.)(
=

∆  (5.19)

 

where θo is the peak load rotation of the first cycle and η is the average exponent 

resulting from the power curve fits to the experimental data. Since the stiff base layer 

of OWF 07 and OWF 08 experienced significant softening, it is highly likely that the 

stress-strain properties of the stiff base layer no longer behaved according to equation 

(4.5) by Vardanega et al. (2012) in section 4.4.1. Since no triaxial tests were carried 

out to measure the stress-strain properties of the softened base layers, accurate 

estimation of εc was not possible. Therefore, estimation of θS for experiments OWF 07 

and OWF 08 via LPILE was not possible. As a result, θo, as shown in Figure 5.44 was 

utilised instead of θS. The average exponential power η was determined to be 0.348.  
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Figure 5.46   B as a Function of ξb 

 

B was plotted against ξb and fitted with linear fittings with respect to each experiment 

as shown in Figure 5.46. Data from OWF 09 stage 6 (ξb = 0.4 and ξc = -0.39) and 

OWF 07 stage 3 (ξb = 0.28 and ξc = -0.35) were not considered in the fittings for 

various reasons. Firstly, the observed accumulated rotation behaviour was most likely 

compromised by previously applied loads of greater magnitudes. As in Figure 5.46, 

the B value from OWF 09 stage 6 of 0.24 is relatively much lower compared to the B 

value of 0.71 from OWF 09 stage 4 for ξb of 0.4. This is not possible as there cannot 

be two extremely different B values for the same ξb. In addition, the accumulated 

rotations observed in OWF 09 stage 6 may have been compromised. As mentioned at 

the end of section 5.6.2 and shown in Figure 5.42, due to 2D-actuator problems, the 

monopile was significantly softened in OWF 09 stage 6 since a ξb = 0.837 load was 

applied prior to the cyclic load which in turn compromised the secant stiffness data. 

Similar to OWF 09 stage 6, four cycles of ξb = 0.404, ξc = 0 load were applied prior to 

the cyclic loads of OWF 07 stage 3. Even though the load magnitude was relatively 

small and did not significantly affect the stiffness data resulting from the cyclic loads, 

the low rate of accumulated rotations observed suggest that the accumulated rotation 

behaviour was adversely affected by the larger magnitude loads applied prior to the 

cyclic loads.  

 

Secondly, reverse cyclic loads of ξc ≈ -0.35 are expected to cause greater accumulated 

rotations. According to LeBlanc et al. (2010b), cyclic loads of ξc = -0.35 for the same 
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for the same ξb, should accumulate rotations at a rate 2.7 times greater than ξc = 0. 

Similarly, Kirkwood and Haigh (2013) observed greater pile head accumulated 

rotations for ξc = -0.37. Considering that the accumulated rotation data was adversely 

affected by the larger magnitude loads applied prior to the cyclic loads and that 

literature suggests that the accumulated rotations for cyclic loads of ξc ≈ -0.35 should 

be greater relative to ξc = 0 cyclic loads, data from OWF 09 stage 6 and OWF 07 

stage 3 was not considered. 

 

Based on Figure 5.46, data from experiments OWF 07 to OWF 08 are in conflict with 

the expectation of increasing accumulated rotation with increasing ξb. In addition, the 

coefficient of determination R2 from the linear fits is extremely low, indicating that 

the fittings should not be considered. The data from experiment OWF 06 and OWF 09 

(where D = 7.62 m) produces a high coefficient of determination linear fit that is in 

line with the expectation of increasing rate of accumulated rotation with increasing ξb. 

However, the slope of the linear fit for OWF 09 is 7.3 times bigger than that of 

OWF 06. Since the linear fitting results across the experiments were inconsistent, 

exponential quantification of accumulated rotations was deemed unsuitable. 

 

Since exponential quantification was not suitable, logarithmic quantification of 

accumulated rotation was carried out. Similar to Lin and Liao (1999), accumulated 

rotation was quantified as: 

 

)ln(1 Nj
o

N +=
θ
θ

 (5.20)

 

where θN is the peak load rotation at the N th cycle, θo is the peak load rotation of the 

1st cycle, and j is the dimensionless rate of accumulated rotation.  

 

Similar to Figure 5.46, linear fits to each experiment was carried out as shown in 

Figure 5.47. In addition, similar to the exponential fits and for the same reasons 

mentioned previously, data from OWF 09 stage 6 and OWF 07 stage 3 was not 

considered. Based on Figure 5.46, the linear fittings to each experiment are in line 

with the expectation of increasing accumulated rotation with increasing ξb. In addition, 
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the slope of the linear fits for experiments OWF 06 to OWF 08 involving the 3.83 m 

pile diameter is similar to each other as shown in Figure 5.47.  
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Figure 5.47   j Fittings as a Function of ξb for Respective Experiments 

 

The slope of the OWF 09 linear fit is exceptionally high due to the exceptionally high 

rate of accumulated rotation observed in stage 4 where ξb = 0.41. Investigation into 

the data from OWF 09 stage 4 did not indicate issues with the logarithmic fit as the p-

value < 0.01. With limited data and no other experiments involving the 7.62 m 

diameter monopile, validation and comparison of the data from OWF 09 stage 4 was 

not possible. Therefore, more experiments involving the 7.62 m diameter should be 

carried out to ascertain the observation and to determine the cause behind the 

observation.  

 

Since the working load of the wind turbines should range from 0.2 ≤ ξb ≤ 0.3 (as 

shown in Figure 4.24, the monopile would have rotated 0.5° at mudline at ξb ≈ 0.5), 

data from OWF 09 stage 4 was taken out of consideration from the fitting. In addition, 

since vertical load was free to act in OWF 09 due to the absence of the counterweight 

system, it is possible that the 7.62 m monopile experienced greater accumulated 

rotations rates relative to the 3.83 m monopile for the same ξb. Therefore, two 

separate linear fits were fitted across the data of OWF 09 and across the data of 

OWF 06 to OWF 08 as shown in Figure 5.48. 
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Figure 5.48   j Fittings as a Function of ξb by Pile Diameter 

 

As shown in Figure 5.48, both linear fits produce relatively high coefficients of 

determination that adhere to the principle that accumulated rotation increases with 

increasing ξb. In addition, both fits have similar slopes, suggesting that the rate that j 

increases with respect to ξb is uniform with D. However, this is limited to ξb ≤ 0.3. 

The fits also reinforce the suggestion that the 7.62 m monopile experienced greater 

accumulated rotations rates relative to the 3.83 m monopile for the same ξb due to the 

contribution of the vertical load. However, it is unlikely that the vertical load 

contributed to the high j value of OWF 09 stage 4 as the accumulated rotations from 

stage 2 and 3 amounted to approximately 0.36°. Therefore more experiments 

involving the 7.62 m diameter monopile have to be carried out to investigate the cause 

behind the high j values. Considering the difference in vertical load conditions 

between the linear fits, it is possible that the D = 3.83 m fitting is valid only under 

zero vertical load conditions and that it will translate upwards towards the D = 7.62 m 

fitting with the inclusion of vertical load above the mudline. 

 

To determine the validity of the fittings and the logarithmic quantification of equation 

(5.20), accumulated rotations for both monopile diameters were estimated and 

compared to the experimental observations as shown in Figure 5.49. In general, the 

estimates (θequation) are similar to the experimental observations (θexperiment), with 

estimates that either match the observations throughout the loading stage or slightly 

overestimate the accumulated rotations by 20% to 30% by the end of the loading stage. 
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For a few stages, the estimates are observed to overestimate the accumulated rotations 

in the first 100 cycles by 20% to 40%. This is due to the lower logarithmic rate of 

accumulated rotation in the first 100 cycles relative to the logarithmic rate of 

accumulation of rotation beyond 100 cycles. However, overestimation in the first 100 

cycles is not an issue as the issue of greater concern is the accurate prediction of 

accumulated rotation in the long-term which would greatly exceed 100 cycles. The 

accumulated rotation is significantly overestimated by 60% in OWF 08 stage 6 where 

ξb = 0.72. This suggests that the linear fit is not suitable for ξb approaching 1.  

 

Based on the comparison results, the linear fits of Figure 5.48, the lack of 

understanding behind the high j value in OWF 09 Stage 4, and that the working load 

of wind turbines ranges from 0.2 ≤ ξb ≤ 0.3 (since the monopile would have rotated 

0.5° at mudline at ξb ≈ 0.5 as shown by Figure 4.24), the usage of the fittings should 

be limited ξb ≤ 0.3. The results suggest that it is suitable to quantify accumulated 

rotations logarithmically using equation (5.20). The difference in j values between the 

linear fits and the absence of the counterweight system in OWF 09 suggests that 

vertical load is contributing to greater j values. This also suggests that the D = 3.83 m 

fitting is valid only under zero vertical load conditions and that it may translate 

upwards towards the D = 7.62 m fitting with the inclusion of vertical load above the 

mudline. Since vertical load is likely to contribute to accumulated rotations, the fitting 

from OWF 09 should be considered in design. In addition further research is 

necessary to determine how the fitting changes with vertical loads of varying 

magnitudes. 
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Figure 5.49   Accumulated Rotation Comparison between Equation Derived vs. Experiment
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5.7.2 Estimating Accumulated Rotations in Softening Regime 

Similar to section 5.6.3, due to the limited data, a comparison of accumulated rotation 

rates was carried out between stages 4 and 5 that had similar ξb. For the softening 

regime observed in stage 5, the j value for the first 25 cycles and beyond 25 cycles 

were considered separately as the behaviour between the two were very distinct as 

shown in Figure 5.50. Based on the comparison in Table 5.9, rotation accumulates at a 

low rate of 0.26 to 0.65 of that for the stiffening regime in the first 25 cycles. 

However, beyond 25 cycles, j greatly increases at a rate 3.12 to 3.73 times greater 

than that for the stiffening regime. This is due to the significant softening that took 

place in the first 100 cycles. 
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Figure 5.50   OWF 09 Stage 5 ξb = 0.44, ξc = -0.27 θN/θo vs. Cycles 

 

j for Stage 
5 Stage 5 j / Stage 4 j Experiment 4 1st 25 Beyond 25 1st 25 Beyond 25 

OWF 07 0.155 0.100 0.558 0.645 3.596 
OWF 08 0.308 0.097 1.150 0.315 3.734 
OWF 09 0.993 0.259 3.101 0.261 3.123 

Table 5.9   j Comparison between ξc ≈ 0 and ξc ≈ -0.25 for Similar ξb 

 

As shown in Figure 5.50, it was observed that j was approximately constant from 25 

to 500 cycles. This can be attributed to the logarithmic nature of stiffening beyond 

100 cycles that causes marginal stiffening per cycle to reduce with increasing cycles 

as discussed in section 5.6.3. Based on the results, loading with ξc ≈ -0.25 on a 

monopile-soil system with previously accumulated locked-in stresses which triggers 

the softening regime is extremely detrimental. Not only can it cause resonance due to 
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substantial softening, it also has the potential to cause excessive rotation that could 

exceed the maximum permanent rotation at mudline criteria of 0.5° (Achmus et al. , 

2009) in the short term if ξb is sufficiently high. Considering the consequences that 

may result from the softening regime, the monopile may have to be designed to have a 

greater horizontal load capacity. 

 

5.7.3 Recommendation to Estimate Cyclic Accumulated Rotations 

Based on the results, the following methodology is recommended to estimate the 

accumulated rotations resulting from the stiffening regime for ξb ≤ 0.3:  

 

1. Determine θo (radians) from zero load to peak load for the first cycle of cyclic 

load in question for the desired ξb. 

 

2. Once θo has been determined, utilise equation (5.21) as below to determine the 

rate of accumulated rotations, j. 

 

j = 0.5638ξb + 0.1461 (5.21)
 

3. Once j has been calculated, estimate accumulated rotations utilising the previously 

mentioned equation (5.20). 

 

)ln(1 Nj
o

N +=
θ
θ  (5.20)

 

To estimate the rate of accumulated rotation due to the softening regime jsoft for cyclic 

loads with ξb ≥ ξb  prv on a system with previously accumulated locked in stresses, the 

following equation can be utilised: 

 

j soft = ψ.j (5.22)
 

where 3.1 ≤ ψ ≤ 3.7. Once jsoft has been calculated, the accumulated rotations can be 

calculated by substituting j of equation (5.20) with jsoft. 
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5.8 Ground Surface Disturbance 
According to Pender and Pranjoto (1996), cyclic lateral loading of piles in clay causes 

gapping, a process that forms an opening between the pile shaft and the surrounding 

soil. Based on their analysis, gapping leads to reduction in pile lateral stiffness. As 

discussed in section 3.6.7, a web camera was placed behind the monopile to record the 

soil deformation that took place at the mudline. To determine if gapping took place, 

the video recordings from this web camera were reviewed. Recordings from OWF 09 

were not utilised as the size of the 7.62 m monopile completely blocked the view of 

the soil behind the monopile. 

 

As exhibited by the example shown in Figure 5.51, the stiffening regime due to one-

way loading was observed to cause little or no gapping to reduce the lateral stiffness 

of the monopile. Instead, the soil behind the monopile appears to experience soil 

deformation that results in the depression of the soil level and cracking. The extent of 

soil deformation behind the monopile was observed to extend further behind the 

monopile with increasing cycles and increasing load magnitude. The same 

observation was also made for the stiffening regime with ξc ≈ -0.35 as shown in 

Figure 5.52. 

 

The softening regime that was triggered by ξc ≈ -0.25 cyclic loads was observed to 

influence the ground surface differently as shown in Figure 5.53. In the first 100 

cycles, the soil behind the monopile was observed to remould itself. Some of the 

cracks from the prior ξc ≈ 0 stages reduce in size while the other cracks appear to 

smoothen out, becoming either less visible or disappear. The ground surface soil also 

moves towards the monopile as it displaces forward. However, beyond 100 cycles, the 

soil remoulds itself differently. Firstly, the extent of deformation behind the monopile 

was observed to be much greater relative to ξc ≈ 0 for the similar ξb. Since the view of 

the web camera is limited to approximately 30 mm, the extent of deformation directly 

behind the monopile as shown in Figure 5.53(c) is at least 2/3D. In addition, the 

extent of deformation was observed to spread out laterally to the sides of the monopile. 

Secondly, the soil appears to experience greater deformations relative to the stiffening 

regime. Not only does the soil experience greater depressions in soil level, the soil 

also experiences many shallow thin cracks or deformation lines. 
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Stage Beginning End 

2  
(ξb = 0.16, 
ξc = 0.01) 

 

 

3 
(ξb = 0.41, 
ξc = 0.05) 

 

  
 

4 
(ξb = 0.57, 
ξc = 0.10) 

 

 
 

 

 
 

Figure 5.51   OWF 08 Stage 2 to 4 ξc ≈ 0 Soil Deformation behind Monopile 
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       (a) Beginning       (b) End 

Figure 5.52   OWF 07 Stage 3 ξb = 0.28, ξc = -0.35 Soil Deformation behind 
Monopile 

 

   
   (a) Beginning           (b) 100th Cycle 

 
(c) End 

Figure 5.53   OWF 08 Stage 5 ξb = 0.62, ξc = -0.25 Soil Deformation behind 
Monopile 
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Based on the photos, little or no gapping was observed during the stiffening regime 

resulting from one-way loading and ξc ≈ -0.35 cyclic loads and during the softening 

regime resulting from ξc ≈ -0.25 cyclic loads. As a result, reduction in lateral stiffness 

resulting from gapping was not observed. Though soil deformation was observed to 

take place on the ground surface, the results from secant stiffness evaluation, 

accumulated rotations, and excess pore pressure behaviour suggest that soil 

deformation at the ground surface is not the main factor that dictates whether the 

system stiffens or softens. Instead, the soil OCR, the soil stress conditions and the 

excess pore pressure behaviour resulting from cyclic load are the main deciding 

factors. 

 

5.9 Summary 
The basis behind the analysis scope for the cyclic loading experiments and the 

undrained shear strength profiles utilised was explained to provide the foundation for 

the analysis. The filter frequency utilised was reported to provide evidence that phase-

shifts did not occur across the instruments. The vertical and horizontal load conditions 

were verified to provide the basis behind the analysis that would follow. Verification 

of these conditions for the 7.62 m monopile show that the p-y curves in section 4.4.5 

model the overall lateral response. However, the curves underestimate the ultimate 

soil reaction, pu by 20% and is unable to accurately estimate the small strain stiffness. 

The verification of these conditions also suggests that pile toe shear force, Fshear 

increases at a 0.1 exponential power. 

 

Two cyclic stiffness regimes were observed across the experiments, the stiffening 

regime and the softening regime. The stiffening regime was observed in experimental 

stages involving ξc ≈ 0 and ξc ≈ -0.35 cyclic loads whereas the softening regime was 

observed in experimental stages involving ξc ≈ -0.25. Different aspects of both 

stiffening and softening regimes were discussed including bending moment at zero 

loads, evolution of secant rotational stiffness, p-y curve stiffness, and excess pore 

pressure behaviour across the monopile. Review of these aspects and review of the 

soil reaction profile at zero load suggests that cyclic loads of different characteristics 

(i.e. ξb and ξc) have effects on the soil stress conditions (i.e. accumulating or 

destroying locked in stresses) which in turn influences the excess pore pressure 
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behaviour which then dictates whether the stiffening or softening regime takes place. 

Considering that the cyclic loads applied in the experiments were not extensive in 

terms of load characteristics (i.e. three ξc values and ξb ≥  ξb prv), a framework 

outlining the cyclic load conditions that trigger the stiffening and softening regime 

was suggested. In addition to the framework, uncertainties over the exact ξc value that 

would cause the transition from stiffening to softening or from softening to stiffening 

regime for ξb ≥  ξb prv magnitude loads under previously accumulated stress conditions 

were highlighted as an avenue for future research. 

 

An exercise was carried out in LPILE to determine if quantification of the p-y curve 

stiffness was suitable to quantify the evolution of cyclic stiffness for both the 

stiffening and softening regimes. Results from the exercise suggests that 

quantification of p-y curve stiffness change via LPILE was unsuitable as the estimated 

rotation depths from LPILE significantly changed relative to the experimental rotation 

depths that remained relatively constant for the same experimental stage. The 

difference was attributed to the limitations of LPILE of not being able to capture the 

changes in locked in stresses and changes in mobilised soil reaction as a result of 

changes in locked in stresses. As a result, quantification of cyclic stiffness was done 

by evaluating secant stiffness.  

 

Stiffness was observed to behave logarithmically in both stiffening and softening 

regimes. The stiffening rate of the stiffening regime was observed to decrease with 

increasing initial strain in the form of a power function. Since soil reaction curves 

were unavailable for D = 7.62 m, secant stiffness was quantified relative to strain 

evaluated with respect to pile length instead of pile diameter. Utilisation of the power 

fitting provided accurate estimates of the cyclic stiffness increase relative to the 

stiffening regimes observed across the experiments. The softening regime resulting 

from reverse loading of ξc ≈ -0.25 on a system with prior locked in stresses was 

observed to be extremely detrimental due to the significant softening that takes place 

in the first 100 cycles. Taking into account the results, recommendations were made 

to estimate the variation of cyclic stiffness of both the stiffening and softening 

regimes. 
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Accumulated rotations for the stiffening regime were quantified logarithmically as 

exponential quantification did not match the expectation of increasing rate of 

accumulated rotations with increasing ξb. Fitting of the data from logarithmic 

quantification suggests that the rate of accumulated rotation may increase with 

increasing vertical load and is not dependent on pile diameter. However, since only 

one experiment involving the 7.62 m monopile was carried out with free acting 

vertical load, further research is recommended to verify the findings and to determine 

how the rate of accumulated rotation changes with vertical loads of varying 

magnitudes. Similar to findings pertaining to cyclic stiffness, the softening regime 

was also observed to be extremely detrimental as the rate of accumulated rotations 

from the softening regime was at most 3.7 times greater relative to the stiffening 

regime. As a result, the softening regime has the potential of causing excessive 

rotations that exceed the 0.5° mudline criteria (Achmus et al., 2009) in the short-term.  

Based on the results, recommendations were made to estimate the accumulated 

rotations resulting from both the stiffening and softening regimes. 

 

Photos of soil deformation at mudline behind the monopile indicate little or no 

gapping took place to reduce the lateral stiffness. Soil deformation during the 

stiffening regime was observed to cause cracks and depression of the soil level. Soil 

deformation of the softening regime observed to be significantly different and resulted 

in soil deformations that extended behind the monopile to distances greater than the 

stiffening regime. Though soil deformation was observed to take place on the ground 

surface, the results from secant stiffness evaluation, accumulated rotations, and excess 

pore pressure behaviour suggest that soil deformation at the ground surface is not the 

main factor that dictates whether the system stiffens or softens. Instead, the soil OCR, 

the soil stress conditions and the excess pore pressure behaviour resulting from cyclic 

load are the main deciding factors. 
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CHAPTER 6 

 

6. CONCLUSION 
 

6.1 Introduction 
Monopiles are expected to be heavily utilised as the foundations for future offshore 

wind turbines. Since most of the planned offshore wind farms in the UK are in the 

north and central parts of UK, there is a high probability that the monopiles will be 

founded in overconsolidated clays. Design of monopiles is carried out by utilising the 

p-y method and the criterion recommended by the DNV (2014) industry standard to 

construct p-y curves is the soft clay criterion by Matlock (1970). Though the criterion 

is well established in the offshore oil and gas industry, issues regarding its suitability 

to design monopiles have been raised. These include the suitability of the p-y curves 

derived from field tests on long flexible piles to design short rigid monopiles, the 

estimation of the initial pile-soil stiffness, and the shortcomings of the p-y curves for 

cyclic loading design.  

 

Considering the issues above and the lack of research of monopiles in 

overconsolidated clays, centrifuge testing was carried out to study the response of 

monopiles subjected to monotonic and cyclic loads in different overconsolidated 

speswhite kaolin clay profiles. Triaxial testing was carried out to obtain the stress-

strain properties of the speswhite kaolin under different overconsolidation ratios while 

LPILE analysis was carried out to analyse the lateral behaviour of the monopile. This 

chapter summarises the key findings of the thesis and provides recommendations for 

further research. 

 

6.2 Static Loading 
6.2.1 Analysis of Bending Moments 

Soil reaction curves show that the monopile rotates at depth when laterally loaded, 

approximately at 70% of its embedded depth while displacement curves show that the 
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monopile behaved as a semi-flexible pile that flexes and rotates at depth, producing an 

undesirable toe-kick that in turn generated a shear force at the pile toe. 

 

6.2.2 p-y Curves 

Experimental results indicated that utilisation of the p-y curves based on the DNV 

(2014) design methodology greatly underestimated the lateral stiffness of the 

foundation, resulting in underestimation of the system’s natural frequency. Based on 

the results, a monopile-wind turbine system designed as a “soft-stiff” structure 

according to the DNV design methodology in soil similar to overconsolidated 

speswhite kaolin would be 40% stiffer than estimated.  

 

Though the DNV (2014) design methodology to construct p-y curves in clay based on 

Matlock’s (1970) soft clay criterion was observed to significantly underestimate 

stiffness, various findings indicated that modification of the criterion was the best 

approach to characterise the experimental p-y curves. There are as follows: 

 

• LPILE analysis utilising the DNV p-y curves produced similar bending moment 

curves to the experiments, implying that the correct lateral resistance profile is 

calculated from the DNV p-y curves.  

• The underestimation in global initial stiffness suggests that while the stiffness 

distribution along the pile is broadly correct, the stiffness of all p-y curves should 

be increased.  

• The reduced ultimate soil resistance at depths where OCR ≥ 4 was well estimated 

by Matlock’s (1970) criterion for heavily overconsolidated soils.  

• On average, the experimental p-y curves increase at an exponential power of 0.29, 

slightly lower than Matlock’s (1970) value of 1/3. 

• Sullivan et al. (1980) and Gazioglu and O’Neill (1984) suggests that the constant 

to calculate the reference deflection at which half the ultimate soil reaction is 

mobilised, yc can vary based on the soil and be lower than 2.5 (Matlock, 1970).  

 

As a result, the DNV (2014) design methodology was modified and a 

recommendation was made based on the above findings. LPILE estimates based on 

the modified criterion corresponded very well with the experimental curves within the 
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maximum permanent rotation at mudline of 0.5° as specified by Achmus et al. (2009) 

and estimated the ultimate lateral load very well. However, the modified DNV 

methodology overestimated lateral stiffness beyond a permanent rotation at mudline 

of 1.0°. Therefore, the modified DNV methodology may be suitable for monopile 

wind-turbine designs but may be unconservative for applications where ultimate 

lateral stiffness is of greater importance such as in the design of anchor piles.  

 

6.2.3 Pile Toe Shear Force 

The shear force at the pile toe was observed to contribute little to the ultimate lateral 

resistance and the lateral stiffness of the 3.83 m diameter monopile as approximately 

25% of the pile length below the rotation point mobilised less lateral resistance. The 

base shear was also observed to contribute to a slight increase in bending moments at 

depths close to the pile toe. However, the increase is well within the design capacity 

as design is dictated by the much larger moments closer to the soil surface. 

Considering the slight contribution to lateral resistance and stiffness and the limited 

effect it has on bending moments, the effects of base shear may not need to be 

considered in monopile design. However, its effects may have to be considered for 

much stubbier structures that have much larger widths and lower slenderness ratios. 

Despite the marginal effects of the pile toe shear force, an effort was made to 

characterise the base shear as it was observed to enhance the mobilisation of capacity 

at low displacements and affect bending moments to some extent. Similar to the p-y 

curves, the base shear was characterised to increase exponentially with displacement 

by powers ranging from 0.1 to 0.3. 

 

6.2.4 Effect of Pile Diameter 

The 7.62 m monopile was observed to have a deeper rotation depth relative to the 

3.83 m monopile. Parametric analysis not only suggested that the pile toe shear force 

was responsible for pulling the rotation depth deeper, it also suggested that the base 

shear increases exponentially at a power of 0.1. The effect of base shear was greater 

on the 7.62 m monopile due to the magnitude that increases with diameter (increase of 

diameter by 2 increases base shear by 4, but only increases lateral resistance along the 

pile shaft by 2). Therefore, the results suggest that the effects of the base shear should 

be considered for stubbier structures that have much larger widths and lower 

slenderness ratios. 
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More research is necessary to improve the modified DNV methodology. Estimates of 

the modified methodology for the 7.62 m monopile relative to the experimental 

observations suggest that the modified methodology underestimates the ultimate soil 

reaction by 20% and greatly overestimates the initial stiffness of the system. Efforts 

made to soften the p-y curves were unsuccessful as the estimated load-displacement 

curves could not be matched with the experimental observations, suggesting the 

modified DNV methodology is unsuitable to evaluate small strain stiffness of larger 

diameter monopiles of lower slenderness ratios. However, the overall response was 

still well modelled. It is recommended that the experiment involving the 7.62 m 

monopile be carried out with functioning strain gauges. Not only can vertical load 

conditions be confirmed, additional data regarding the lateral behaviour of the 7.62 m 

monopile can be utilised to further improve the recommendations made regarding the 

modified DNV methodology to construct p-y curves and the methodology to 

characterise the pile toe shear force. 

 

6.3 Cyclic Loading 
6.3.1 Cyclic Stiffness Regimes 

Two cyclic stiffness regimes were observed as a result of the cyclic loads applied. In 

the stiffening regime, monopile stiffness increased as a result of cyclic loads that 

contributed to the accumulation of locked in stresses which in turn influenced the soil 

stress conditions to produce excess pore pressure behaviour that resulted in stiffening. 

The stiffening regime also took place after previously accumulated locked in stresses 

were completely destroyed by reverse cyclic loads of ξc ≈ -0.35 that caused soil 

reaction reversal above and below the rotation point. Under zero locked in stress 

conditions, the system can only proceed to accumulate locked in stresses. The 

softening regime was observed to take place when reverse cyclic loading of ξc ≈ -0.25 

caused the progressive destruction of locked in stresses of previously accumulated 

locked in stresses. As a result of the changes in soil stress conditions, the excess pore 

pressure behaviour changes to cause significant softening of the monopile-soil system 

within 100 cycles.   

 

A framework that took into consideration the locked in stress conditions and the 

cyclic load characteristics (ξb and ξc) was developed based on the results from 
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experiments involving cyclic loads of limited load characteristics. In addition, 

uncertainties pertaining to the exact ξc value that would cause the transition from 

stiffening to softening or from softening to stiffening regime for ξb ≥  ξb prv magnitude 

loads under previously accumulated stress conditions were brought up. Considering 

that the experiments involved cyclic loads of limited load characteristics and that 

there are uncertainties over the exact ξc value that would cause transition for 

stiffening to softening or vice-versa, future research involving cyclic loads of various 

characteristics can be carried out to address these issues. 

 

6.3.2 Estimating Cyclic Stiffness 

Stiffness changes in both stiffening and softening regime were observed to behave 

logarithmically. Based on the results, the rate of stiffness increase in the stiffening 

regime reduces with increasing strain. Comparison between the stiffening and 

softening regime suggests that the rate of softening of the softening regime for the 

same ξb is 2.6 to 3 times higher than the rate of stiffening of the stiffening regime. 

Therefore, in merely 100 cycles and in the short term, the softening regime could be 

extremely detrimental as it can cause excessive softening. Should the reverse loading 

that triggered the softening regime persist, it would take millions of cycles of 

sustained reverse loading for the stiffness of the system to be restored to its original 

stiffness. Though it is unlikely to be the case in the field as cyclic loading is varied in 

nature, designers have to be prepared and aware of the detrimental effects of the 

softening regime. 

 

6.3.3 Estimating Accumulated Rotations 

Accumulated rotations in both stiffening and softening regime were observed to be 

better quantified logarithmically as exponential quantification did not match the 

expectation of increasing rate of accumulated rotations with increasing ξb. Based on 

the experiment results, the results suggest that the rate of accumulated rotation in the 

stiffening regime increases with vertical load. However, more research has to be 

pursued as only one experiment involving free acting vertical load was carried out. 

Not only would further research be able to verify this, it would also provide findings 

that explain how accumulated rotation rates change with respect to vertical loads of 

varying magnitudes. The softening regime is extremely detrimental relative to the 
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stiffening regime. For the same ξb, the accumulated rotation rate of the softening 

regime was 3.1 to 3.7 times greater than the accumulated rotation rates of the 

stiffening regime. Therefore, in the short-term, the softening regime could potentially 

cause excessive accumulated rotations that could exceed the 0.5° mudline criteria 

(Achmus et al., 2009). Therefore, designers have to take into consideration the 

detrimental effects of the softening regime. 

 

6.3.4 Implications of Stiffness Changes 

The observed changes in p-y curve stiffness with cyclic loading will have implications 

for the overall stiffness of the foundation system. While the wind turbine system 

stiffness is dominated by the flexibility of the tower, these will still have a minor 

impact on the system natural frequency and should be considered in design. 

 

6.3.5 Ground Surface Disturbance 

Photos of soil deformation at the mudline indicate little or no gapping took place to 

reduce the lateral stiffness. The stiffening regime causes cracks and depression of the 

soil level whereas the softening regime resulted in soil deformations that extended 

behind the monopile to distances greater than the stiffening regime. Though soil 

deformation was observed to take place on the ground surface, the results from secant 

stiffness evaluation, accumulated rotations, and excess pore pressure behaviour 

suggest that soil deformation at the ground surface is not the main factor that dictates 

whether the system stiffens or softens. Instead, the soil OCR, the soil stress conditions 

and the excess pore pressure behaviour resulting from cyclic load are the main 

deciding factors. 

 

6.4 Recommendations for Further Research 
The research presented in this thesis has provided a better understanding of the lateral 

behaviour of monopiles under both static loading and cyclic loading in 

overconsolidated clays. However, the research has its limitations. Therefore, 

suggestions on further research are discussed as follows: 

 

• The modified DNV methodology suggests that the constant to define the reference 

deflection, yc varies based on the soil in question. This recommendation was made 
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based on the findings of Sullivan et al. (1980) and Gazioglu and O’Neill (1984). 

Since the tests were carried out in overconsolidated speswhite kaolin, further 

research should be carried out in different types of clay to ascertain the validity of 

the suggestion and to investigate how different soil properties affect the constant 

that defines reference deflection. This is of interest as the monotonic test results 

suggests that the accuracy of estimating the system stiffness is mainly dependent 

on the accuracy of the p-y curves. 

• Validation of the modified DNV methodology on the 7.62 m monopile suggests 

that the modified DNV methodology has to be improved so that it can better 

estimate the initial stiffness of stubbier monopiles of larger diameters and lower 

slenderness ratios. Since the strain gauges on the 7.62 m monopile failed, 

centrifuge monotonic and cyclic experiments with functioning strain gauges 

should be carried out to ascertain the factors that contributed to the inaccurate 

estimations. Repetition of the experiment with functioning strain gauges will also 

provide an accurate picture of the vertical load condition and pile toe shear force 

conditions acting on the 7.62 m monopile. This will in turn provide the additional 

information necessary to improve the modified DNV methodology and possibly 

provide more information on the role of pile toe shear force on stubbier structures, 

how to better characterise it, and how it should be considered in design. 

• Though a framework considering the locked in stress conditions and cyclic load 

characteristics was proposed, the framework is not comprehensive enough as it is 

based on test results resulting from cyclic loads of limited characteristics. In 

addition, there is uncertainty over the ξc that causes transition from the stiffening 

regime to the softening regime and vice-versa on a system with previously 

accumulated locked in stresses for load magnitudes that are ξb  ≥ ξb prv. Therefore, 

further research involving cyclic loads of various characteristics should be carried 

out to further improve the proposed framework and to investigate the exact ξc that 

causes transition between the stiffening and softening regimes. 

• Cyclic accumulated rotation analysis suggests that the vertical load above the soil 

surface contributes to higher accumulated rotation rates. Since the strain gauges 

on the 7.62 m monopile failed, it is recommended that the experiment be repeated 

with functioning strain gauges. In the case that the finding is proven to be true, it 

is recommended that the experiments be repeated with vertical loads of varying 
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magnitudes to quantify the influence of different vertical load magnitudes on 

cyclic accumulated rotation. 

• Due to the limitations of the 2D-actuator, it was not physically possible to load the 

monopile at frequencies representative of the prototype frequencies experienced 

by a wind turbine. Therefore, the results from the cyclic tests may be limited to the 

long-term behaviour of monopiles under storm loadings. Considering this 

limitation, a much stronger and faster loading device capable of loading the 

monopile under free-head conditions should be developed so that the experiments 

can be repeated with representative prototype loading frequencies. This would 

also enable a greater number of cyclic loads to be applied onto the monopile in a 

shorter period of time. Since the monopile was loaded to a maximum of 1,000 

cycles, it is of interest to repeat the experiments with a greater number of cycles to 

verify the validity of the findings and to assess the suitability of applying the 

findings beyond the tested 1,000 cycles. 

• It would also be of interest to develop a device capable of multi-directional 

loading that can load the monopile under representative prototype frequencies in 

the centrifuge as findings from both Su et al. (2014) and Rudolph et al. (2014) 

suggests that multi-directional loading caused greater degradation to stiffness and 

significantly increased deformation relative to unidirectional loading. Should this 

device be developed, it would enable quantification of stiffness and accumulated 

rotation changes from multi-directional loading and provide the information 

necessary to further improve the design process. 

• Considering the findings of Sullivan et al. (1980) and Gazioglu and O’Neill (1984) 

that suggests that different clay properties may influence the lateral behaviour of 

the monopile, it is possible that the cyclic load findings may be limited in 

application to clays similar to overconsolidated speswhite kaolin. Therefore, 

further cyclic load testing should be carried out in different types of clays to 

evaluate the difference in cyclic load response and to evaluate the appropriateness 

of applying the cyclic load findings from this dissertation to other types of clays. 

• Considering that the results suggest that cyclic loading causes changes to the 

system stiffness, it is of interest to carry out natural frequency measurements on 

wind turbines that have been in operation for at least ten years and to compare 

these measurements to the estimates or measurements made when the wind 
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turbine was first installed. This would provide valuable information on how the 

system stiffness changes over time and in turn enable the design process to be 

improved. Comparisons can also be made with the findings to evaluate the validity 

of the findings. 

• Finite element modelling calibrated against centrifuge or field test results would 

enable the development of models that could potentially accurately estimate the 

stiffness and accumulated rotations resulting from cyclic loads. If this can be 

carried out, the results from finite element modelling may provide more 

information to better explain the causes contributing to the observed centrifuge or 

field test results.  
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